
CIVIL ENGINEERING 
PRACTICE JOURNAL OF THE BOSTON SOCIETY 

e OF CIVIL ENGINEERS SECTION/ASCE 

SPRING/SUMMER 1996 VOLUME 11, NUMBER 1 ISSN: 0886-9685 --------- ---- --- ------

Special Focus 

Boston's Central Artery/ 
Tunnel Project 



.. .. ·-v···o· ... . po:·:-~ _:.:•·.-.=:o:-: ... -::ij: . ·o· ... . ~--... ·.":: . :-· ;-o.:·: . 
Y◊.:-◊~)j:·_~rj 
d -:·-o-···· ·~·-= 

} .. .:t>.a~ :~--:"◊-.·._:•o~q 
:o· · . . . ·-.· .. • .. ·:.-.-:· . . . ···O·- · 
D.·. ·:-:-~o· ··. ··o···· 
.. :f).:o·: . . -.-:c}-. : :i-:t. . ·O .. : .::: 
:;\.)•o· ·. ::.·. ·o· ·-----~a·· f\:. . . . :\J. 

ldB/~\cfoc··· 
·"\•:: . ·-:~: -~·· . 
..:'·.G: i.___./; : ~-:. , . , . , . , . / . .· .· /.·/·/ /. /· 
(-. ~ '/ . -;, .. ~ ·/ 
./ .. ·/·/. , . ·/. / .. . 
•"/ . '/ .. ~ '/. · /_ ., . ,,, . / "/ . / '/ 
. /. . / · / . % '/ .. ,. / . •/ . . / 
.·/· // .. /./. 
,I,"/.. . . . 
·"/ ·/ . /./ .. / 
, "/ .·/;,,. /· .·;,_.'/.;. -~ -;,: 
,_. /. .. /·/. ' / 
·/ .. //.· ·/· "· /. - /. . . 
·'/·"/•,✓• /.·/ 
,I . . , "/ • . · I',/ .. ·/-✓· 

½/St/ Complete Subsurface 
~ ~°!eB~!~~t!~~d!!~!}!!! 

Wells O Pressure Grouting O Diamond 
Core Drilling O Geotechnical Instrumentation 
0 Undisturbed Sampling O Hydropunch 
Sampling O Odex Drilling System O OSHA 
Trained & Medically Monitored Personnel 

@ GUILD DRILLING CO., INC. 
100 Water St., E. Prov., RI 02914 e ~ 
FAX: (401) 435-3432 
( 401) 434-0750 NDCA ~ 

SERVING THE INDUSTRY SINCE 1953 ' 



CIVIL ENGINEERING 
P "'' JOURNAL OF THE BOSTON SOCIETY RA CTI CE • OF CIVIL ENGINEERS SECTION/ ASCE 

CONTENTS 

Advancing the Engineering Profession PAUL MOYER 

Underground Engineering for the Central Artery/funnel Project THOM NEFF 

Even though most of this monumental project will be built below ground, it will also 
require the integration of a wide range of engineering disciplines. 

Geotechnical Instrumentation for the Central JOHN DUNNICLIFF, 
Artery/funnel Project: An Overview CHARLES DAUGHERTY & THOM NEFF 

Workon developing an instrumentation program must be initiated at the start of 
project planning and continue through design and pre-construction phases. 

Protecting Historic Buildings on the Central Artery/funnel 
Project: The Project Conservator Program BEATRICE NESSEN 

. Creating a special team of consultants provides the opportunity to effectively incor
porate historic preservation into design and construction. 

Design & Construction of the Circular Cofferdam for 
Ventilation Building No. 6 at the Ted Williams Tunnel 

MINHAJ KIRMANI 
& STEVEN C. HIGHFILL 

The adoption of a circular cofferdam design suited the site's unusual loading require
ments, made in-process design alteration easy and reduced costs. 

Full-Scale Tiedown Tests for the 
Central Artery/funnel Project 

MARCO BOSCARDIN, 
GERALDO R. IGLESIA & MARY-LOUISE F. BODE 

A test program was developed to obtain data that would provide the basis for more 
accurately predicting tiedown capacity for the preliminary design of this large project. 

Design & Construction of Deep Stone Columns in 
Marine Clay at Spectacle Island 

ERIC M. KLEIN 
& RICHARD F. TOBIN 

Stone columns can be an effective ground modification technique. However, their 
implementation depends to a high degree on specific site characteristics. 

Trenchless Technology Considerations for 
Sewer Relocation & Construction 

ARTHUR A. SPRUCH 
& JOHN J. STRUZZIERY 

Greater reliance on the use of trenchless technologies and di~ferent application of their 
current uses provide solutions to the re-engineering of urban sewer systems. 

5 

7 

11 

21 

31 

51 

79 

95 

Acknowledgments 103 

Advertisers' Index 112 

CIVIL ENGINEERING PRACTICE SPRING/SUMMER 1996 1 



PROVIDING UNDERGROUND SOLUTIONS 

There are few Technologies in the Construction Field 
that have provided the Innovative Solutions 
to transform an Industry as Microtunneling. 

Typical Microtunneling Applications Are: 

• Infrastructure Development 
• Infrastructure Rehabilitation 
• Hazardous Waste Remediation 
• Horizontal Earth Support Systems 

USING ADVANCED TECHNOLOGY 
TO PROVIDE UNDERGROUND SOLUTIONS 

Every Project is Unique and at Laxfield Corporation 
We Specialize in Providing Customized Engineering Solutions 

for Each and Every Client, from Design to Construction. 

Our Expertise Is Based On: 

• Impeccable Job Quality 
• Conscientious Client Relations 
• Cost Efficiency 

It Is Our Commitment To Provide Innovative 
Engineering And Technological Solutions 

LAXFIELD CORPORATION 
2 H Street 

South Boston, MA 02127 
(617) 269-3122 Phone 

(617) 269-3190 Fax 

LAXFIELD CORPORATION 
ADVANCED TECHNOLOGY PROVIDING UNDERGROUND SOLUTIONS 

2 CIVIL ENGINEERING PRACTICE SPRING/SUMMER 1996 



CIVIL ENGINEERING PRACTICE: JOURNAL OF THE BOS
lDN SOCIETY OF CIVIL ENGINEERS SECTION/ ASCE 
(ISSN: 0886-9685) is published twice yearly in the Spring 
and Fall by the Boston Society of Civil Engineers Sec
tion/ ASCE (founded in 1848). Editorial, circulation and 
advertising activities are located at: Boston Society of 
Civil Engineers Section/ ASCE, The Engineering Center, 
One Walnut St., Boston, MA 02108; (617) 227-5551. 
Known as Tire Journal of the Boston Society of Civil Engi
neers Section/ASCE until 1985, Vol. 71, Nos. 1 & 2. Third
class non-profit bulk postage paid at Dexter, Michigan. 

Subscription rates for 1996 are: U.S. - Individual, 
$28.00/year; Library /Corporate, $33.00/year. Foreign 
- Individual, $34.00/year; Library /Corporate, 
$39.00/year. 

Back issue rates for Civil Engineering Practice and The 
Journal of the BSCE Section/ASCE are available at $12.50 
per copy, plus postage. 

Please make all payments in U.S. dollars drawn ona U.S. 
bank. 

Section, members of the Society receive Civil Engineer
ing Practice as part of their membership fees. 

Civil Engineering Practice seeks to capture the spirit and 
substance of contemporary civil engineering practice 
through articles that emphasize techniques now being 
applied successfully in the analysis, justification, design, 
construction, operation and maintenance of civil engi
neering works. Views and opinions expressed in Civil 
Engineering Practice do not necessarily represent those 
of the Society. 

Civil Engineering Practice welcomes and invites the sub
mission of unsolicited papers as well as discussion of, 
and comments on, previously published articles. Please 
contact our editorial office for a copy of our author 
guidelines. Please address all correspondence to the 
attention of the Editor. 

Copyright © 1996 by the Boston Society of Civil 
Engineers Section/ ASCE. 

Printed on recycled paper. 

Editorial, Circulation & Sales Office: 

Civil Engineering Practice 
Boston Society of Civil Engineers 

Section/ ASCE 
The Engineering Center 
One Walnut St. 
Boston, MA 02108 

Phone: (617) 227-5551 
Fax: (617) 227-6783 
E-Mail: CEPractice@aol.com 

Cover image© 1996 by David Macauley 

BOSTON SOCIETY OF CIVIL ENGINEERS 
SECTION/ ASCE 

-PRESIDENT 

Robin B. Dill 

PRESIDENT ELECT 

Michael W. Swanson 

SECRETARY 

David A. Bohn 

TREASURER 

Gerald T. Carey 

ASSISTANT TREASURER 

Gabriel 0. Gualteros 

SENIOR VICE PRESIDENT 

Anni H. Autio 
Mysore Ravindra 

VICE PRESIDENT 

Barbara S. Moffat 
David L. Westerling 

EXECUTIVE DIRECTOR 

Marie E. McGuinness 

PAST PRESIDENT 

Philip J. Caruso 

WESTERN BRANCH PRESIDENT 

Joseph D. Bianchi 

TECHNICAL GROUP CHAIRS 

COMPUTER 

Carol A. Reddin 

CONSTRUCTION 

James R. Lambrechts 

ENGINEERING MANAGEMENT 

Kenneth T. Page 

ENVIRONMENTAL 

William B. Powers 

GEOTECHNICAL 

Michael W. Oakland 

HYDRAULICS & 
WATER RESOURCES 

Peter von Zweck 

INFRASTRUCTURE 

MaryH. Wall 

STRUCTURAL 

Alexander K. Bartlow 

TRANSPORTATION 

Joseph G. Beggan 

WATERWAY, PORT, 

COASTAL & OCEAN 

Christopher W. Mauck 

CIVIL ENGINEERING 
PRACTICE • JoURNALOFTHEBosroNSocnm-

oF CIVIL ENGINEERS SECTION/ ASCE 

EDITORIAL BOARD 

Brian R. Brenner, Chair, Bechtel/Parsons Brinckerhoff 
E. Eric Adams, Massachusetts Institute of Technology 
Cynthia Chabot, Chair, Editorial Committee, Gannett Fleming 
John Collura, University of Massachusetts-Amherst 
Alton Davis, Jr., GEI Consultants 
Domenic D'Eramo, Sverdrup 
Chris Erikson, McPhail Associates 
John Gaythwaite, Maritime Engineering Consultants 
Joseph Goss, Whitman and Howard 
Mark Hasso, Wentworth Institute of Technology 
Vivek Joshi, Massachusetts Dept. of Environmental Protection 
Wayne Kalayjian, Sverdrup Civil 
Kathy Livas, Chair, Advertising Committee 
Elizabeth Lewis, Gale Associates 
Joel Lunger, HDR 
Nicholas Mariani, Parsons Main 
Paul Moyer, Parsons Brinckerhoff 
Saul Namyet, Northeastern University 
David Noonan, Camp, Dresser & McKee 
Samuel Paikowsky, University of Massachusetts-Lowell 
Michael Schultz, Camp, Dresser & McKee 
Richard Scranton, Chair Emeritus, Northeastern University 
Adrian Share, HNTB 
Joseph Stephano, Stone and Webster 
Ali Touran, Northeastern University 
Lee Marc G. Wolman, Consulting Engineer 

EDITOR 
Gian Lombardo 

CIVIL ENGINEERING PRACTICE SPRING/SUMMER 1996 3 



101 Walnut Street 

Post Office Box 9151 

Watertown, Massachusetts 02272 

617 9241770 

anasse Hangen Brust/in, Inc. 

Connecticut 

Florida 

Massachusetts 

New Hampshire 

Rhode Island 

Vermont 

Virginia 

4 CIVIL ENGINEERING PRACTICE SPRING/SUMMER 1996 

Transportation 

Land Development 

Environmental Services 



Preface 

Advancing the 
Engineering Profession 

In our day to day lives it is easy t.o forg. et that we have o.ne of the. most advanced state-of-the-art 
civil engineering projects in the world going on in our own back yard (literally, for some of 
us). The Central Artery/Third Harbor Tunnel is such a long-term project that we sometimes 

lose sight of its accomplishments. With a project of this size, there are certainly many stories to be 
told. In this special focus issue of Civil Engineering Practi.ce we chose to concentrate only on those 
having to do with underground construction since it is the predominant effort to date. In this issue 
we hear from some of the designers of the project and how they have dealt with the design and 
construction of the project's underground components. Future issues of Civil Engineering Practice 
will offer accounts that cover other aspects of the project. 

The Boston Transportation Planning Review first proposed depressing the Central Artery 
back in 1972 and linking it to the construction of a third harbor tunnel. Since then, planners, 
engineers and public officials have crafted the project into what it has now become. The ele.vated 
Central Artery - built in the 1950s - is being replaced by a cut-and-cover tunnel that will run 
from the existing Dewey Square Tunnel at South Station to Causeway Street at North Station in 
downtown Boston. A dramatic cable-stayed bridge will complete the journey of Interstate 93 
across the Charles River northward into Charlestown. The Third Harbor Tunnel, now known as 
the Ted Williams Tunnel, was opened to traffic in 1995. This extension of Interstate 90 provides 
additional access to Logan Airport and siphons some of the traffic away from the Central Artery. 

The project has given the engineers the opportunity to explore new territory and to develop 
new engineering and construction methods. Expanded computer capabilities and unique project 
requirements have encouraged the development of many innovations as well as new design 
theories and construction techniques. Slurry wall design and construction methods have been 
advanced that minimize negative effects on surrounding buildings. Innovative underpinning 
techniques have been developed for the staged construction of the depressed roadway under
neath the. operating elevated roadway. Trenchless construction methods for installing under
ground utilities have been implemented to minimize surface disruption and to avoid conflict with 
other utilities. Instrumentation technology has been developed to monitor soil deformation and· 
its effects on adjacent buildings. · 

It is fitting that this project is being constructed in Boston, the home of so many geotechnical 
engineering pioneers. Names such as KarlTerzaghi, Arthur Casagrande, Ralph Peck, William Lam 

CIVIL ENGINEERING PRACTICE SPRING/SUMMER 1996 5 



and Robert Whitman have become familiar mentors to engineers across the nation. Many new 
legacies are being established by virtue of this project. 

With the opening of the Third Harbor Tunnel, the engineering community can now see 
portions of this project being completed and put into operation. The construction of the depressed 
artery that is now occurring in the heart of Boston gives further evidence of our efforts. As portions 
of the project are successfully completed, they are studied to verify that the assumptions and 
theories used in their design are correct. The work on this project adds to the development of 
engineering science every day. 

The articles that follow represent the stories related by your peers, describing some of the 
challenges that they faced and how they surmounted them. 

Paul Moyer, 
Civil Engineering Practice Editorial Board Member 
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Introduction 

Underground 
Engineering for the 
Central Artery/funnel 
Project 

Even though most of this 
monumental project will 
be built below ground, 
it will also require the 
integration of a wide range 
of engineering disciplines.· 

THOM NEFF 

This special focus issue of Civil Engineer
ing Practice centers on geotechnical en
gineering and construction planning for 

the Central Artery /Tunnel (CA/T) Project, the 
largest transportation project currently under
way in the United States. The CA/T Project is 
also one of the most challenging projects ever 
undertaken since it makes use of virtually every 
conceivable type of analysis, design and con
struction method. Even small parts of the pro
ject - such as ventilation buildings - are 
themselves enormously complicated, with sub
way interfaces, design of deep ducts, multiple 
building uses and other complications. Not 

only are the technical challenges daunting, but 
the project also winds its way through the heart 
of downtown Boston, a city well known for its 
exuberant, often contentious politics - making 
it a hot issue for many people. 

In this issue of Civil Engineering Practice, the 
articles presented focus on some aspects of un
derground engineering for the project. These 
articles cover such topics as: 

• The geotechnical instrumentation pro
gram for the project; 

• Protecting historic buildings near the con
struction; 

• Design and construction of a circular coffer
dam used in the construction of the project's 
harbor tunnel; 

• Full-scale tiedown test program for the 
project; 

• Design and construction of deep stone 
columns in marine clay; and, 

• Using trenchless technology for sewer/ 
utility construction; 

In keeping with the size of this historic pro
ject, it is planned that future issues of Civil 
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Engineering Practice will include presentations 
on additional features of the underground 
analysis and design, as well as papers describ
ing other aspects of the work. 

Project Description 
The highway system in the Boston metropoli
tan area is characterized by two major circum
ferential highways (Interstate-495, Interstate-
95 /Route 128) and two major highways 
(Interstate-90 which runs east-west, Interstate-
93 which runs north-south) leading into and 
through the core city itself. Since Boston's loca
tion is on the shoreline, the circumferential 
highways are in essence only semi-circles, and 
heavy traffic is funnelled through the present 
Central Artery. This situation is aggravated by 
the highway access to the airport, which is 
mostly through the two existing cross-harbor 
tunnels, and also requires use of the Central 
Artery. The Central Artery was built in the 
1950s as an elevated structure intended to pro
vide commuter access to · downtown Boston. 
For this reason, the structure literally winds its 
way through Boston, and numerous access 
ramps follow each other at short intervals. 

The existing six-lane highway was initially 
planned for 75,000 vehicles/ day. However, it 
currently carries 187,000 vehicles/ day, with 
significant delays. Traffic is projected to in
crease to 244,000 vehicles/ day by 2010 with 
even greater congestion if no improvements are 
made. This congestion, and the need to repair 
the existing structure, led to the present CA/T 
Project, which includes (see Figure 1): 

• Anew eight- to ten-lane cut-and-cover tun
nel to be constructed beneath the existing 
viaduct while maintaining traffic above; 

• A new cross-harbor tunnel connecting the 
existing Southeast Expressway and Mas
sachusetts Turnpike (1-90) to Logan Air
port and East Boston; 

• Several· new and reconstructed highway 
interchanges; 

• Many complex tunnel ventilation build
ings; 

• A new long-span bridge across the Char
les River; 

• Sophisticated "smart highway" control 
systems; and, 
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• Environmental and urban design im
provements for the Boston area such as 
new parks, upgraded mass transit and 
provisions for air rights buildings above 
the new tunnels. 

Geotechnical Engineering Overview 
The project has necessitated an extensive sub
surface exploration program that began in 1986 
with the collection of existing subsurface data 
from various sources. These data were then 
integrated with the overall project planning for 
the highway alignment and stmcture place
ment. From that time on, both geotechnical and 
subsurface environmental issues were evalu
ated concurrently. During 1987 and 1988, an 
initial exploration program of borings and test 
pits was carried out by the project's Manage
ment Consultant (MC) in order to begin assess
ment of potential site-specific problems along 
the alignment, and to better define subsurface 
geologic boundaries. The MC was engaged by 
the Masachusetts Highway Department 

. (MHD) and has responsibility for carrying out 
the preliminary design (PD), for managing the 
final design (FD) effort which is prepared by 
section designers and for managing the con
struction. 

During this same period, planning was ad
vanced for management of the final design 
phase of the project. The project was divided 
into five geographic areas: 

• East Boston and Third Harbor Tunnel 
• South Bay Interchange 
• Central Area - South 
• Central Area - North 
• Area North of Causeway (ANOC) 

An Area Geotechnical Consultant (AGC) was 
selected (qualifications-based) for each area. 
The AGCs then worked with the MC while 
exploration and test programs were carried out 
for the PD. These efforts resulted in a Geotech
nical Data Report (GDR) and a Geotechnical 
Engineering Report (GER) for each of the de
sign contracts in an AGC' s area. These reports 
were furnished to the Section Design Consult
ants (SDC) who were also qualifications-se
lected and were responsible for carrying out the 
final design and producing bid documents, In 
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FIGURE 1. Plan of the Central Artery/funnel Project. 

many cases, the SDCs had geotechnical subcon
sultants on their teams, and had the option of 
asking for additional subsurface data, if they 
deemed it necessary. 

To date, the AGC and SDC groups have com
pleted over 4,000 borings and hundreds of test 
pits. The boring data, as well as selected test 
data, have been entered into a computerized 
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database management system and its use has 
been integrated with project design elements 
and the instrumentation data management sys
tem. 

The project has provided the opportunity to 
generate a wealth of data on the Boston under
ground, as well as to participate in some inno
vative testing programs. For example, the fol-

. lowing three technical areas justified special 
test programs to evaluate cost-effective alterna
tives to solving specific local problems: 

• Tension Element Test Program 
• Caisson Load Test Program 
• Soil Stabilization Test Program 

Each of these technical areas was a significant 
issue in one or more of the project areas, and a 
cost-effective design was deemed important 
enough to justify a specialtest program to help 
contribute to an optimum design/construction 
scenario. 

The data gathered by subsurface exploration 
efforts have helped support detailed analyses 
forCA/Tstructures. Tunnels - bothimmersed 
tube and cut-and-cover - were the subject of 
complex soil-structure interaction analyses that 
sought, again, to optimize the design and con
struction process. 

Underground urban construction is expen
sive under the best conditions. However, Bos
ton's old and complex infrastructure, coupled 
with its less-than-ideal geological/ geotechni
cal setting, demanded a creative and realistic 
approach to the project. It was critical to mini
mize the soil deformations and resulting adja
cent facility movements. In addition, since the . 
existing elevated artery and associated surface 
streets must remain operational throughout 
construction (through the year 2004), traffic 
studies provided important input to the plan
ning, design and construction sequences. 

The Importance of 
Construction Effects Mitigation 
A crucial part of the project is construction miti
gation. Due to the project's location and size -
as well as the sociological, historic and political 
impacts - it has been paramount throughout 
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the project to ensure that construction effects 
are mitigated to the greatest extent possible as 
it proceeds. In historic Boston, with numerous 
existing buildings, utilities and other (old and 
new) facilities, this in no easy task. Supporting 
the construction management effort is an elabo- · 
rate program of geotechnical instrumentation 
(surface and subsurface) that utilizes thou
sands of field-installed instruments ranging 
from inexpensive surface settlement monitor
ing points to expensive and complex vibration 
monitoring devices. The data from these instru
ments provide a record of the effects of the 
construction process, a means to actually "con
trol" the construction process in sensitive areas, 
and an early warming system to alert both con
struction contractors and the MC to respond to 
situations that are developing that may be at 
variance with design predictions. 

Though much of the project will be built 
below ground, with all of the risks and un
knowns of underground construction, the con
stituent engineering and scientific disciplines 
are being effectively integrated and coordi
nated - ranging from the standard civil, struc
tural, mechanical and electrical, through envi
ronmental systems and traffic operations, and 
insurance and risk management. It is truly a 
team effort on a "mega" scale. 

In summary, we are proud of our work and 
the work of our colleagues who are participat
ing on this massive project. We hope you find 
this special Journal issue informative and inter
esting. 

THOM NEFF is an Assistant Vice 
President and Senior Professional 
Associate with Parsons Brinckerhoff 
Quade & Douglas, Inc. He currently 
serves as Manager of Geotechnical 

Engineering for the Management Consultant on the 
Central Artery/Tunnel Project. He has a Ph.D. from 
the University of Illinois and over 30 years of expe
rience in the civil and geotechnical aspects of large 
projects throughout the United States and overseas. 
He has published extensively in these technical areas 
and is currently at work on a chapter on megapro
jects for a book titled, Risk Management for Un
derground Construction. 



Site Considerations 

Geotechnical 
Instrumentation for the 
Central Artery/funnel 
Project: An Overview 

Work on developing an 
instrumentation program must 
be initiated at the start of 
project planning and continue 
through design and 
pre-construction phases. 

JOHN DUNNICLIFF, CHARLES DAUGHERTY 
&THOM NEFF 

As a small but important element of a 
large, complex project such as the Cen
tral Artery /Tunnel ( CA/T) Project, it is 

important to define the role of instrumentation 
early so that it is utilized properly. As with all 
important project elements, its use must be con
sidered in the planning and design stages, then 
carried through construction and even through 
post-construction (operation) phases. 

General Role of 
Geotechnical Instrumentation 
Geotechnical instrumentation generally en-

compasses multiple functions on a project, 
achieving success through an interdependent 
blending of these roles. The following four fea
tures were integrated in the geotechnical in
strumentation program for the CA/T Project: 

Early Warning System. Sufficient instru
mentation is necessary to provide an early 
warning if potential problems are develop
ing. On the CA/T Project, all installed instru• 
ments have threshold and limit·values set by 
the designers so that, as data are acquired 
and analyzed, trends toward "problems" 
can be identified early. 

Record of Events. Most new projects cause 
some disruption to adjacent facility owners. 
The CA/T Project must be constructed 
where major facilities such as subways, 
high-rise structures, utilities, as well as his
toric and recent surface structures are in 
close proximity to the new construction. Ac
curate and comprehensive records of defor
mations and other pertinent changes are re
quired to address disputes that may arise 
between various abutters and the project 
owners. These data must include pre-con-
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struction, construction and post-construc
tion events. 

Construction Control. For such a complex 
project, the methods of construction as well 
as the sequence and rate of construction 
could have art important effect on resulting 
soil deformations and the performance of 
adjacent structures. Thus, the proper evalu
ation of timely field data is necessary to con
trol the construction process. 

Evaluating Design Uncertainty. Construc
tion of the CA/T Project combines geotech
nical and structural engineering to create 
appropriate excavations and subsurface 
structures. The nature of geologic materials 
results in design parameters that contain un
certainty. Strength, compressibility and 
stress-strain properties are non-linear, and 
have inherent time-related aspects that 
cause predictions of performance to contain 
some risk. Calculated factors of safety are 
not precise in geotechnical engineering, and 
field monitoring can assist in the important 
role of evaluating the degree of this inherent 
uncertainty. 

General Approach 
The general approach to geotechnical instru
mentation program for the CA/T Project fol
lows ten steps: 

1. Identify the geotechnical uncertainties. 
2. Make judgments relating to geotechnical 

conditions and construction perform
ance. 

3. Define measurable parameters that can 
be used to indicate inadequate perform
ance, and select appropriate instrument 
types and locations. 

4. Assign response values (hazard warning · · 
levels). 

5. Formulate generalized plans of action 
that will provide the basis for a detailed 
specific plan of action to be formulated 
later if a response value is reached. 

6. Recognizing the uncertainties, observe 
construction events and make measure
ments with instrumentation. 

7. Interpret instrumentation data on an on
going basis; i.e., relate causes to effects. 

8. All responsible parties meet if a response 
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value is reachedto discuss any necessary . 
responses. 

9. Formulate a detailed specific plan of ac
tion to be initiated immediately. 

10. Proceed with the response action. 

Key Issues 
The size and complexity of the CA/T Project, 
and the fact that it is being constructed in a 
complex urban setting, resulted in the careful 
evaluation of a number of key issues. 

The Boston "Environment." Two existing con
ditions combine in Boston to create an un
friendly environment for subsurface construc
tion. First, the geologic setting is considered 
adverse. As with most glaciated areas, the sub
surface profiles vary significantly within short 
horizontal and vertical distances. There are 
large deposits of relatively soft clays and or
ganic materials. The groundwater level is high 
(adjacent to Boston Harbor) and the bedrock 
surface is also variable in elevation and in its 
degree of weathering. Second, the age of the 
city and its infrastructure also present numer
ous difficulties. Project construction is adjacent 
to old subway tunnels and stations, water and 
sewer mains, and historic buildings. Construc
tion is also located within historic fill areas that 
contain old wharves, piles, building founda
tions, etc. Instrumentation can be thought of as 
"insurance" to protect these facilities,as well as 
newly constructed facilities. 

Contractor Priorities. The construction con
tractors' primary concern is building the project 
rapidly and at low cost. Geotechnical monitor
ing is not high on their list of priorities. There 
are various possible contractual methods for 
obtaining rapid and accurate field monitoring 
data. After some initial experiments the CA/T 
Project opted to have the construction contrac
tors purchase, install and maintain the instru
ments, but a separate. specialist contractor -
who is under contract with the Massachusetts 
Highway Department (MHD), but managed by 
the project's Management Consultant (MC) -
has the responsibility to read, check and trans
mit the data to the MC on a daily basis. This 
system ensures that the MC receives the data in 
a timely fashion for managing and controlling 
the project. The MC passes the data immedi
ately to the construction contractors, who may 



choose to take additional readings. Of primary 
concern is that the data are rapidly available to 
all interested parties. 

Mitigation Agreements. The size and com
plexity of this project has resulted in numerous 
formal mitigation agreements with city, state 

. and federal agencies, as well as with certain 
high-profile abutters (e.g., Amtrak). These 
agreements speak specifically to. the II protec
tion" of certain facilities and, in many cases, the 
instrumentation data will be used to judge the 
effectiveness of the mitigation arrangements. 

Project Insurance. The CA/T Project has been 
successful in negotiating and putting in place 
wrap-up insurance policies for both construc
tion and design liability (covering individual 
sections of the project). The intent of these cov
erages is to encourage cooperation and com
munication among all parties in the planning, 
design and construction process, and to work 
toward a common goal for a safe, economical 
and functional project. The instrumentation 
demonstrates to the insurers that the means to 
warn project participants about problems as 
well as· the means to control the construction 
process are in place. 

Cost of the Instrumentation Program. The cost 
of instruments varies from a few tens of dollars 
each to several thousand dollars each. In addi
tion, the cost of reading and evaluating data 
usually far exceeds the cost of purchase and 
installation. For an urban underground project, 
the total cost of a geotechnical instrumentation 
program can vary between one and three per
cent of the total construction cost. 

Long-Term Issues. Project construction will 
include excavations in clay, which may create 
temporary changes to groundwater levels. Al
tered groundwaterlevels will take widely vary
ing times · before they are restored to pre-con
struction levels. The project is divided into 
numerous construction contracts and . will be 
carried out over a twelve-year period. Loca
tions and monitoring of instruments in adjacent 
contracts need to be coordinated, and certain 
issues (e.g., the consolidation of clay) may re
quire monitoring long after construction is 
complete in a specific area. 

Design Phase 
Figure 1 indicates the flow of instrumentation 

tasks during the project design phase. The tasks 
are listed in the order in which they need to be 
accomplished. 

The Concept Report was necessary to clarify 
project objectives and provide general and con
sistent guidance to project designers. The De
sign Policy Memoranda (DPMs), Standard Spe
cial Provisions (SSPs) and Standard Detail 
Drawings (SDs) followed, with more specific 
instructions to designers. Later, the series of 
design submittals and reviews are needed to 
ensure that final programs are developing in an 
orderly fashion and that all necessarytechnical 
and contractual considerations are being prop
erly addressed. 

Preliminary Stages. The geotechnical instru
mentation Concept Report was compiled by 
the MC in order to present and explain the 
objectives of the project instrumentation pro
gram, describe each of the primary tasks asso
ciated with the program, evaluate alternatives 
for assignment of responsibilities for the tasks 
and, finally, make recommendations for the as
signment of responsibilities. The report was 
disseminated to the final designers in order to 
introduce them to the project· philosophy on 
how construction monitoring should proceed. 

DPMs are short documents intended to pro
vide guidance to final designers on specific 
issues. As an example, one DPM clarifies the 
vibration acceptance criteria and structural 
category descriptions to reflect existing Boston 
structures and to reflect other criteria such as 
those established by AASHTO and the U.S. 
Bureau of Mines. 

Instrumentation SSPs serve as a model for 
final designers while they formulate their plans 
and specifications for the individual construc
tion packages. The SSP, rather than being a true 
11 standard," is used as a guide specification and 
is tailored to fit individual construction con
tracts. 

Two SDs depict the design details for all 
readily foreseeable instrumentation types. The 
drawings are incorporated, without final de
signer modifications, in all design packages 
that require instrumentation. 

Design Submittals. Design stages are those 
milestones along the development of a final 
design where the Section Design Consultant 
(SDC), a firm retained to carry out the final 
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Concept Report 

(by MC) 

Preliminary Stages. 

• Design Policy Memoranda (DPMs) 
• Standard Special Provisions (SSPs) 

• Standard Detail Drawings (SDs) 

(by MC) 

Design Submittals 
(Various Stages) 

• Design Summary Report (DSR) 
• Plans, Specifications & Estimates (PS&E) 

• Response Values (RVs) 
• Requirements for Contractor's Generalized Plans of Action 

• Requirements for Contractor's Detailed Specific Plan of Action 
• Wording for Contingency Plan 

(by SOCs) 

Design Submittal Reviews 

• Conformance With SSP 
• Need for Instruments 

• Instrument Quantities & Locations 
• Response Values 

• Specified Contingency Plans 

(by MC) 

FIGURE 1. Instrumentation tasks during the design phase. 

design for a particular segment of the CA/T 
Project, is required to submit the documents for 
review by the MHD and the MC. Submittals 
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normally fall at the 50, 75 and 100 percent stages 
of design, then culminate with the Plans, Speci

. fications and Estimates (PS&E) documents (the 



final design submittal prior to advertising for 
bid). 

A Design Summary Report (DSR) is a docu
ment prepared by the SOC to indicate major 
geotechnical and structural design assump
tions. 

Response Values (RVs) are instrumentation 
readings specified by the SOC that, if reached, 
mandate a response action by the construction 
contractor to arrest increasing movements, 
stresses, vibrations, etc. An RV has two compo
nents: an early warning threshold value and a 
not-to-exceed limiting value. 

Generalized Plans of Action are required as 
an early submittal from the construction con
tractor stating in general terms the mitigative 
measures (response actions) that will be taken 
if an instrumentation reading reaches an RV. 

Detailed Specific Plans of Action are submit
ted by the construction contractor if an RV is 
reached. The plan must be prepared within 24 
hours of reaching an RV, and the response ac
tion must be initiated within another 24 hours. 

Contingency Plans are response actions pre
engineered by the SOC and the MC and are 
included in construction specifications. They 
are implemented where it is appropriate to 
specify response actions rather than to delay 
decisions until the construction phase. 

Design Submittal Reviews. These reviews are 
carried out by the MC at the 50, 75 and 100 
percent stages of design as well as at PS&E 
stages to ensure that the developing design 
documents conform to project criteria and 
needs. The process involves the assignment of 
a tracking number to each review comment. 
The SOC writes a response, and the reviewer 
writes a later evaluation of that response. 

Construction Phase 
Figure 2 indicates the flow of tasks during the 
project construction phase. 

Early Construction Submittals. Construction 
contractors are required to purchase and main
tain the instrumentation. Because these tasks 
are paid for as part of the lowest responsible 
bid, there is a need for strong quality assurance 
to ensure conformance with the specifications. 
Construction contractors are therefore required 
to submit, for review by the MC, proposed 
instrumentation materials and procedures. 

Particular emphasis is given to detailed step
by-step installation procedures. The contrac
tors are also required to submit generalized 
plans of action, stating in general terms the 
response actions that will be taken if an instru
mentation reading reaches an RV. 

Data Collection and Reporting. Data can be 
grouped into two categories: causes and ef
fects. 

Causal data consist of all construction and 
environmental events that may create changes 
to instrument readings. Construction contrac
tors have the primary responsibility for gather
ing and reporting causal data (referred to in 
Figure 2 as Construction Data). 

Effect data consist of instrumentation read
ings that are gathered and reported by three 
separate entities: 

• Geotechnical instrumentation data are 
the responsibility of a project-wide Moni_
toring Contractor, selected on the basis of 
the lowest responsible bid, with pay items 
per reading. 

· • Survey data are the responsibility of a 
project-wide Survey Contractor, also se
lected on the basis of the lowest responsi
ble bid, with pay items per crew-hour. 

• Contractor's Data are instrumentation or 
survey data that the construction contrac
tor may choose to collect in addition to 
data received from the MC. Specifications 
stipulate how Contractor's Data must be 
collected, tabulated, plotted and reported 
in order to be acceptable to the MC. No 
separate payment i$ made for Contrac
tor's Data. · 

All these three sources of effect data are made 
available by the MC and the construction con
tractor in a timely manner. 

Relating Causes & Effects - Response Ac.tions. 
The task of relating causes to effects constitutes 
interpretation. Steps and responsibilities are as 
indicated in the last box of Figure 2. The tasks 
are arranged to maximize communication 
among all the parties involved, and to foster an 
interactive response process. 

Types of Instruments Used 
Table 1 indicates the basic types of instruments 
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Monitoring of Causes 

Early Construction Submittals 

• Proposed Instrumentation Materials & Procedures 
• Generalized Plans of Action 

(by Construction Contractor) 

Review Early Construction Submittals 

(by MC) 

Furnish & Install Instruments 

(by Construction Contractor) 

Protect & Maintain Instruments 

(by Construction Contractor) 

Collect & Report Data (Cause & Effect) 

Monitoring of Effects 

Construction Data Geotechnical Survey Data Contractor's Data 
Instrumentation Data 

• Hard Copy Report • Electronic Data • Electronic Data 
(Daily & Weekly) (Daily) • Electronic & (Weekly) 
• Hard Copy Data • Hard Copy Data Hard Copy Data 

(by Construction 
Contractor 

With QA by MC) 

(Daily & Weekly) (Daily) 
(by Monitoring (by Survey 

Contractor Contractor 
With QA by MC) · With QA by MC) 

If' 

1. Relate Causes & Effects (Interpret) 
• Review All Data for Reasonableness (by MC) 

• Constructlon Contractor, MC, SDC (in special cases) & 
Abutters (in special cases) Meet If Response Value Is Reached 

2. If Response Action Is Needed 
• Submit Detailed Specific Plan of Action 

(by Construction Contractor) 
• Decide on Response Action (by All) 

• Implement Response Action (by Construction Contractor) 

FIGURE 2. Instrumentation tasks during the construction phase. 
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(by Construction 
Contractor) 



TABLE 1. 
Types of Instruments Used 

Instrument Type What Is Measured How Measured 
Deformation 

Deformation Monitoring Point Surface Vertical & Optical Survey 
Horizontal Deformation 

Convergence Gage Convergence Across Portable Mechanical 
Excavation or Tunnel Tape Extensometer 

Utility Monitoring Point Vertical Deformation of Utility Optical Survey 

Borros Point Subsurface Settlement: Optical Survey 
Single Point 

Settlement Platform Settlement of Original Ground Optical Survey 
Surface Below Fill 

Probe Extensometer Subsurface Settlement: Electrical Probe 
Multi-Point 

Inclinometer Subsurface Horizontal Electrical Probe 
Deformation 

Multi-Point Heave Gage Heave Below Bottom of Electrical Probe 
Excavation 

Crack Monitor Opening & Closing of Crack Portable Mechanical 
in Structure Gage or Fixed Grid Gage 

Tiltmeter Rotational Deformation Plug-In Electrical Readout Unit 

Groundwater Pressure 

Observation Well Groundwater Level in Granular Electrical Probe 
Fill 

Vibrating Wire Piezometer GroundwaterPressLire in Plug-In Electrical Readout Unit 
Other Materials 

Stress & Load in Temporary Supports 

Vibrating Wire Strain Gage Strain on Surface of Steel (From Datalogger or Plug-In 
Which Stress Is Calculated) Electrical Readout Unit 

Load Cell on Tieback Load in Tieback Plug-In Electrical Readout Unit 

Vibration l 
Seismograph Vibration Automatic.Recording 

used to acquire data for the various construc
tion contracts. For special circumstances on the 
project, additional instruments were used (see 
the following section). 

data due to conflicting grout performance re
quirements for the two instruments. 

Two additional instrument types were used 
during early construction contracts, but their 
use has been discontinued. Open standpipe 
piezometers had been subject to freezing prob
lems. Combined inclinometer casings and 
probe extensometers, installed together in one 
borehole, resulted in poor-quality inclinometer 

Special Cases 
Several unusual cases along the project align
ment have a different instrumentation ap
proach. In these cases, the depth or complexity 
of the excavation, the complex and unique na
ture of the adjacent facility, or the extreme close
ness of the facility to the planned excavation 
combined to require substantial revision to the 
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TABLE 2. 
Additional Instruments Used in Special Cases 

Instrument Type What Is Measured How Measured 

Deformation 

Borehole Extensometer Subsurface Vertical Deformation Mechanical Readout Unit & 
Plug-In Electrical Readout Unit 

Dial Gage Relative Deformation Between Observation of In-Place Gage 
Two Parts of a Structure 

Shear Displacement Gage Shear Deformation Between Portable Mechanical Gage 
Two Parts of a Structure 

Jointmeter Opening & Closing of a Joint Datalogger 

Liquid Level Gage Surface Vertical Deformation Data logger 

Electrolevel/Beam Sensor Surface Vertical Deformation Datalogger 

Bending Stress in Structural Columns 

Mechanical Strain Gage Strain on Surface of Steel (From Portable Mechanical Gage 
Which Stress Is Calculated) 

Spot-Weldable Vibrating Wire Strain on Surface of Steel (From Datalogger 
Strain Gage Which Stress Is Calculated) 

standard instrumentation specifications. In ad
dition to modifying the specifications, con
struction methods and/ or sequences were also 
changed in order to meet strict mitigation crite
ria. Table 2 lists the additional instruments used 
or planned for three special cases ( described 
below). 

Federal Reseroe Bank (FRB) & One Financial 
Center (OFC). These two facilities are located on 
opposite sides of the Central Artery excavation 
where it passes under the Red Line subway 
station at South Station. The Central Artery 
requires a 115-foot deep bra!ced excavation at 
this location. For the FRB, the tunnel alignment 
actually cuts through a portion of the existing 
underground garage. The 32-story main FRB 
tower contains critical control and communica
tion systems for member banks throughout 
New England. 

OFC comprises a 42-story high-rise struc
ture, featuring an external I/tube" design of 
closely spaced, stiff columns and beams for 
resistance of lateral loads. This structure and its 
two-level garage rest on a mat foundation 
about 40 feet below grade, and only 25 feet from 
the Central Artery slurry wall planned for the 
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support of the excavation. The structure con
tains many high-profile, high tech firms with 
sophisticated communications systems, in
cluding regional offices for the largest stock 
brokerage in the United States. The combina
tion of building configuration and its proximity 
to a very deep excavation made structural in
tegrity of OFC of prime concern to the monitor
ing program designers. 

Both structures are very sensitive to vibra
tions, and even to modest horizontal and verti
cal movements. For both structures, special 
mitigation agreements were negotiated, and 
force accounts were established for the installa
tion of selected instrumentation up to one year 
in advance of construction to permit adequate 
baseline data to be developed. Consultants to 
the building owners worked with SDCs and the 
MC to develop monitoring plans, specifications 
and pre-designed contingency plans that were 
acceptable to all parties. Instrumentation, in 
addition to some of the types listed in Table 1, 
includes spot-weldable vibrating wire strain 
gages, mechanical strain gages, borehole exten
someters, shear displacement gages and dial 
gages (see Table 2). 



Red Line Subway Tunnel .. In another part of the 
project, a tunnel will pass over an existing Red 
Line subway tunnel in Fort Point Channel, a 
branch of Boston Harbor. An immersed tube 
tunnel (ITT) design was chosen for this cross
ing. In ITT construction, prefabricated tunnel 
sections are floated into place, immersed and 
moved into a pre-excavated and leveled trench, 
and then connected and backfilled. The water 
is then pumped out of the completed tunnel 
and finishes are applied. 

To maintain vertical highway alignment, the 
trench needs to be excavated to within 5.5 feet 
of the top of the existing subway tunnel. These 
twin-tube tunnels were mined from 1915 to 
1916 in the Boston Blue Clay using compressed 
air techniques. They are circular, cast-in-place 
concrete with 24-inch thick walls. The tunnels 
carry heavy rail, 10-car trains that run every 10 
minutes from 5:00 A.M. to 1:00 A.M. daily. Service 
cannot be interrupted under any circumstance. 
The tunnels were cast in 15-foot sections with 
only modest reinforcement, and essentially no 
continuous longitudinal reinforcement. Dredg
ing of about 20 feet in Fort Point Channel will 
lower the factor of safety for buoyancy of the 
existing tunnels, and will result in a net unload
ing and potential for floating of the existing 
tunnel structures. 

Again, detailed discussions with the subway 
tunnel owners and their consultants produced 
a jointly acceptable instrumentation plan that 
acts as an early warning and construction con
trol system. Testing and analyses prior to the 
design of the monitoring system looked into 
concrete strength and modulus, location and 
type of rebar, leak surveys and special operat
ing criteria. A full-scale in-place verification 
testing program was conducted on various 
types of instruments - including vibrating 
wire strain gages and jointmeters, tiltmeters 
and convergence gages - before acceptable 
commercial versions were selected for the full 
installation. A unique liquid level gage was also 
developed and tested in place. The full instru
mentation system will be in place to collect up 
to four months of baseline data prior to the 
beginning of trench excavation. 

Railroad Tracks Near South Station. South Sta
tion is the end of the line for commuter trains 
coming from the west and south. Just south of 

the station, the CA/T Project will connect the 
Massachusetts Turnpike (1-90) and other sur
face roads with an 1-90 extension to the airport, 
and must cross beneath an array of seven sets 
of railroad tracks. These tracks are on a curve 
as the trains enter South Station. 

The construction method chosen for this part 
of the project is jacked tunnels, which are large 
cast-in-place tunnel boxes constructed in pits 
adjacent to the tracks, then jacked beneath the 
operating tracks. Clear distance between the 
top of rail and the top of the tunnels varies 
between 15 and 20 feet. The tracks must be 
operational at all times, with operating hours 
from 5:30 A.M. to 12:30 A.M. daily. There is a need 
for real-time monitoring of vertical track align
ment to ensure that the trains can operate safely. 
As with other special cases, all parties worked 
together from early planning stages to evaluate 
all important operating parameters, and jointly 
developed an instrumentation system that will 
provide acceptable construction management 
and control capability. 

Electrolevelfbeam technology was chosen 
as the keystone of the monitoring system. Be
cause these instruments have not been used 
previously on active main line railroad tracks 
and have not been subjected both to the tem
perature extremes that occur in Boston and to 
track ballast tamping and regulating, a full
scale in-place demonstration program is being 
undertaken. The full instrumentation system 
will also include deformation monitoring 
points, probe extensometers, Borras points, vi
brating wire piezometers and inclinometers. 
Electrolevelfbeam sensors will be installed di
rectly on the ties between the tracks and will 
give a continuous picture of the vertical profile 
along areas that will be subject to tunneling 
activity. Output from the monitoring system 
will be available to railroad owners, the MC and 
the tunneling contractor to ensure acceptable 
communication and control of the operation. 

Summary 
The role of an instrumentation program has 
numerous facets that must be tailored to the · 
site-specific needs of the project. These facets -
to be both cost-effective and efficient - need to 
be worked out over time, starting with project 
planning and running through design and pre-
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construction phases. Four critical functions 
filled on the CA/T Project were: 

• Early warning system; 
• Record of events; 
• Construction control; and, 
• Evaluating design uncertainty. 

Every instrument needs to have a clearly de
fined justification for its use, as well as estab
lished Response Values for use in managing 
and controlling the construction process. A suc
cessful instrumentation program must have the 
cooperation of the construction manager and 
the various construction contractors. Spe
cial/ unique cases require extensive input from 
the affected abutter(s)/ owner(s) to ensure that 
acceptable levels of "control" are present. 
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Site Considerations 

Protecting Historic 
Buildings on the Central 
Artery/funnel Project: 
The Project Conservator 
Program 

· Creating a special team of 
consultants provides the 
opportunity to effectively 
incorporate historic 
preservation into design and 
construction. 

BEATRICE NESSEN 

0 ne special aspect of the Central Ar
tery /Tunnel (CA/T) Project i~ that the 
path of excavation cuts a swath 

through some of the .most historic real estate in 
the United States. The amount of tunnel con
struction for a single project in a densely built, 
old city like Boston is unprecedented. So, too, 
are concerns about protecting existing build
ings along the construction right-of-way. 

One of Boston's major assets is its architec
tural heritage. The proximity of many of Bos-

ton's finest historic structures to the CA/T pre
sents a special design and construction chal
lenge, particularly given the depths of excava
tion required to depress the existing Central 
Artery and the complexity of the construction. 
The challeng~ of these circumstances has re
sulted in the adoption of a unique approach to 
protecting historic structures developed 
through the consultation process required by 
Section 106 of the National Historic Preserva
tion Act of 1966. 

The requirements of this consultation proc
ess resulted in the signing of a Memorandum 
of Agreement (MOA) in 1984 by the Massachu
setts Highway Department (MHD), the Federal 
Highway Administration (FHWA), the Massa
chusetts State Historic Preservation Officer 
(SHPO), the Boston Landmarks Commission 
(BLC) and the Advisory Council on Historic 
Preservation (ACHP). One of the stipulations of 
the MOA was the appointment of a Project 
Conservator to oversee the development of 
measures to mitigate adverse effects of the con-
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struction on existing historic structures and to 
incorporate these mitigation measures into 
construction specifications. 

The team engaged by the MHD in 1988 to 
serve as the Project Conservator is composed of 
an architectural and preservation planning firm 
supported by a team of subconsultants that con
sists of a structural engineer, a geotechnical en
gineer, a construction engineer and an architec
tural historian. The Project Conservator team 
carries out its oversight responsibilities by: 

• Evaluating the potential risk of damage to 
historic structures; 

• Reviewing design documents to ensure the 
adequacy of mitigation measures; and, 

• Providing support services during con
struction. 

Figure 1 shows the roles played by the team 
. within the design development process for the 
CA/T Project. 

Evaluation 
The evaluation of potential risk to historic 
structures has been carried out in two phases. 
First, the Project Conservator team conducted 
a preliminary evaluation of all 420 historic re
sources identified in the Project's Final Envi
ronmental Impact Statement and rated them 
according to the potential risk of damage from 
construction. This evaluation was based on ex
terior building surveys1 engineering records, 
available geotechnical information and design 
proposals. Factors considered in rating poten
tial risks to buildings included: 

• Overall building condition; 
• The building's structural system; 
• Probable soil conditions; 
• The proximity of construction to historic 

structures along the alignment; and, 
• The nature of construction, especially the 

depth of excavations. 

Based on this preliminary evaluation, the 
signatories to the MOA agreed that the 150 
historic structures that were rated as having a 
medium to high risk of damage from construc
tion activities would require continued evalu
ation and review to ensure that adequate miti-
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gation measures would be incorporated into 
design and construction documents. 

During the second phase, which is nearly 
complete, the Project Conservator is further 
evaluating potential risk to these 150 buildings 
based on the preliminary design as well as on 
additional data concerning subsurface and 
foundation conditions obtained from field 
geotechnical studies and basement inspections. 
For each design section, the team prepares an 
updated evaluation report that is provided to 
the Section Designer within 30 days after their 
notice to proceed. The objective is to make the 
Section Design team aware of the conditions 
and rated sensitivities of the historic structures 
located in its design section. This resource 
document provides important guidance in de
veloping the final design. 

The evaluation reports prepared for early util~ 
ity relocation design packages employed a rating 
system that the Project Conservator originally 
developed for the 1988 preliminary evaluation. 
However, the team revised the rating system for 
those design sections involving deep excavation 
- the mainline tunnel from Kneeland to Cause
way streets and portions of the east-west connec
tion to the new harbor tunnel. The new rating 
system focuses on potential risk from excavation
induced movements using current empirical 
methodology (see Figure 2). The team evaluates 
potential angular distortion and potential resul
tant damage using information adapted from 
recent studies2'3 and case histories of previous 
excavations in Boston. 

The team develops the rating in the follow
ing manner: 

1. Estimates the maximum horizontal dis
placement and vertical building settle
ment for each historic building using 
sources such as Clough and O'Rourke' s 
semi-empirical relationships (see Figure 
3) and related information developed by 
the project's Area Geotechnical Consult
ant (AGC). 2 

2. Estimates the angular distortion based 
on sourc.es, including Clough and 
O'Rourke; s graph plotting angular dis
tortion relative to maximum settlement 
for excavations in soil types specific to 
the design section (see Figure 4).2 
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FIGURE 1. CA/f Project design development process. 

3. Classifies potential building damage 
from sources such as Clough and 
O'Rourke' s graph plotting the range of 
deformations to potential building dam-
age (see Figure 5).2 · 

4. Employs Boscardin and Cording's classi
fication of building damage (see Table 1) 
to define the visible damage associated 
with each class of-potential damage.3 

The team also includes a discussion of other 
potential sources of effects due to the construc
tion such as groundwater depressurization re
sulting in building settlement, lowered 
groundwater table and its effects on timber 
pilings, and vibration effects on the structural 
and architectural integrity of the historic build
ings located in the design section. The evalu
ation report includes a structural rating for each 
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lHilISTOruc RJESOUJRCJE DAT A SJHOEJE1' 
CENTRAL ARTERY (1-93) / THIRD HARBOR TUNNEL (1-90) PROJECT 

JBUIJLDXNG IDEN']['RFllCATHON Parcel No. ! Bulldlng No. 18 
Area CBD DOl4B Corridor Primary 

Sub Area 1 ~:~1 Map No. 26-13 
RevlewerFCD Record Date 11/3/90 

Revised 
Nama of Bulldlng Boston Stone Lounge & Ernie Coffee House (Wiggins Block) _.-Bsmt lnap. Date 

Addraea 139 Hanover Street Type (Uaa) 

2/1/95 
11/20/90 

Mercantile 
Architect 

Builder_ 

IHIII§'ll'OIJU[C Jll)JE§IIGNA'l!'II(rJ)N 
NR Status 

Boston Landmark Status 3 

District Status Contributing 

IB:NGIINIElEIIIING llllA'll'A 
Data Source B/P B, BBD 

Add'I Data on structure I sub-structure. 
Info. 
Requ'd. 

Current Ownbr 

Original Owner John Davis to C.E. Wiggin, 1846 
Date of Bulldlng 1849 (c.) No. Stories 4 1/2 

NA Dl1trlct Blackstone Block(NR) 

lEXlSTnNG CONDll']['RONS (Also See General Building 
Inspection Form) 

Su p,i r st ru ct u re Metal fire escape south side 

Exterior Materials Brick with Brownstone Trim, parged I painted. Granite 
/ steel. & glass storefront · 

Roof Mansard- slate Mortar 

Solla Blackstone b_lock - shoreline poss. fill 

Condition Good 

Alterations 
Minor - Addition of Mansard 

Potential Impact 

Potential impact due to 14B utilities and !SA main 
alignment, ramp and D016A Parcel 7 vent building 
construction. 

li.E<COMMENI!l)A\ 'J!'llt!J)l"!§ 

Monitor for movement during construction. Preserve 
historic strectscape paving, etc. (whole block). 

POTENTIAL FOR IMPACT 
FROM UTILITIES 

Distance rrom Utility 75' 

Utility Proximity · 2 

POTENTIAL FOR 
MPACT FROM CA/T 
("Orlglnal" Method) 

Ratln (0-4) 

Structure 4 

Utility Scaled Total 37 SubStructure 

POTENTIAL FOR IMPACT Soil 3 

FROM CAIT EXCAVATION t-C_o_nd-it ___ +----=2:....i 
(Current "New• Metho lt-S""u __ b.;.;to..;.t __ --4_......:;9-1 

(Blank= 'Impact Unlikely') t"P_r_o_xl_m_it.._y_--+_--"3-l 
CA Dist rm Exe. 100' Total 27 

CA Exe. Depth 55' 

DOISA Rating Neg to VS 

Bsmt lnsp. Date 11120/90 

t------+-----1 
Scaled Total 5 6 

Scaled Rating (0-100) 
High 66-100 
Med 34-65 
Low 0-33 

McGinley Hart & Associates Project Conservator 77 North Washington Street Boston, MA 02114 
from Ref. 1 Layou1#147/Updatcd DataShce1Vcnl00% DataShccl Date Printed 212/95 

FIGURE 2. An example of the historic resource data sheet with evaluation ratings. 

building's susceptibility to damage based on its 
fragility and exhibited stress. This rating, when 
combined with the rating for potential damage, 
is useful to the final designer in evaluating 
appropriate mitigation measures for historic 
buildings. 

24 CNIL ENGINEERING PRACTICE SPRING/SUMMER 1996 

Design Input 
The Project Conservator's first involvement 
with design occurred during the development 
of the Preliminary Design Report,which served 
as the basis for the final design. At this stage, 
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FIGURE 3. Summary of measured settlements and horizontal displacements adjacent to 
excavations in stiff to very hard clay. 

the Project Conservator identified potential 
risks and issues regarding historic buildings 
associated with the preliminary design. For ex
ample, as a result of the team's comments on 
the preliminary design of the relocation of the 
new east side interceptor, the alignment was 
relocated away from particularly sensitive his
toric buildings in the Chinatown District to a 
location with less risk of adverse construction 
effects on historic buildings. 

During the final design, the team reviews the 
75 and 100 percent design submittals to ensure 
that adequate mitigation measures are in
cluded in the design and construction docu
ments (see Figure 1). The team's review is ex
tended to any addenda that may include 
changes potentially affecting historic build
ings. The review is an iterative process in which 
the Project Conservator and each Section De
signer work to resolve outstanding issues. 

The review process has resulted in the devel
opment of several additions to the project-wide 

design criteria as well as modifications specific 
to a design section. For example, as a result of 
the Project Conservator's comments, the pro
ject has developed criteria for allowable angu
lar distortion and for allowable vibration ac~ 
ceptance limits specific to historic buildings. A 
project guideline for allowable angular distor
tion has been established at a level that protects 
architectural elements of a historic building 
from any damage greater than "slight" as de
fined by Boscardin and Cording (see Table 1).3 

The vibration criteria are based on the struc
tural category of individual buildings and af
ford protection to the structural and architec-

. tural elements of a building (see Tables 2 and 
3).4 These allowable criteria set the framework 
within which the Section Designer will specify 
appropriate building protection measures in 
the final design. · 

Another issue raised by the Project Conser
vator's comments is the need for Section De
signers to address cumulative impacts. There 
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FIGURE 4. Angular distortion plotted relative to maximum settlement for excavations in soft 
to medium clay. 

are many examples of this occurring on the 
project. In some cases, one building may be 
affected by several construction contracts; in 
other cases, buildings along the alignment may 
be subject to effects from sequential construc
tion contracts. 

An example of the former situation is the 
State Street Block Building, located at the corner 
of State and Purchase streets, which is affected 
by the construction of the Massachusetts Bay 
Transit Authority (MBTA) Blue Line Aquarium 
Station Expansion and CA/T Blue Line Cross
ing package and the mainline Central Artery 
tunnel from High to State streets. The MBTA 
contract runs along the north side of the build
ing, and the Central Arterty mainline runs 
along the east side. In response to the Project 
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Conservator's reservations, both the MBTAand 
CA/T Project final designers evaluated cumu
lative impacts on the State Street Block Build
ing, with special focus on excavation-inducted 
movement. Mitigation measures were devel
oped to minimize construction effects in order 
to meet the project's goal of no greater than 
"slight" damage to any building. 

Construction Services 
During construction the Project Conservator is 
available for on-call consultation in the event 
that a situation develops that may result in the 
threat of damage, actual damage or any other 
effect to an historic building. In order to keep 
the Conservator informed about ongoing con
struction activities, the CA/T Project provides 
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the Conservator with weekly construction ac
tivity reports as well as weekly summaries of 
the field instrumentation readings that have 
exceeded limits. Additionally, CA/T Project 
geotechnical engineering staff regularly brief 
the Conservator about field instrumentation 
monitoring data related to historic buildings, 

focusing on those instrumentation readings 
that exceed limits as well as any trends indicat
ing the development of potentially adverse ef
fects on historic buildings. 

The instrumentation monitoring program is 
the first line of defense against the development 
of construction-related problems. The final de-
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TABLE 1. 
Classification of Visible Damage 

Class of Damage Description of Damage • 

Negligible Hairline cracks 

Very Slight Fine cracks treated during normal redecoration, 
perhaps isolated slight fracture in building. Cracks in 
exterior brickwork visible on close inspection. 

Slight Cracks easily filled. Redecoration probably required. 
Several slight fractures inside building. Exterior cracks 
visible, some repainting may be needed for 
weathertightness. Doors & windows may stick slightly. 

Moderate Cracks may require cutting out & patching. Recurrent 
cracks can be masked by suitable linings. Tuck-
pointing & possibly replacement of a small amount of 
exterior brickwork may be required. Doors & 
windows sticking. Utility service may be interrupted. 
Weathertightness often impaired. 

Severe Extensive repair involving removal & replacement of 
sections of walls, especially over doors & windows. 
Windows & door frames distorted, floor slopes 
noticeably. Walls lean or bulge noticeably. Some loss 
of bearing in beams. Utility service disrupted. 

Very Severe Major repair required involving partial or complete 
reconstruction. Beams lose bearing. Walls lean badly 
& require shoring. Windows broken by distortion. 
Danger of instability. 

Notes: From Ref. 3 (modified from Burland et al., 1977) 
• Location of damage in the building or structure must be considered when classifying the degree of damage. 
"Crack width is only one aspect of damage & should not be used alone as a direct measure of it. 

Approximate Width of 
Cracks (mm)•• 

< 0.1 

< 1 

<5 

5 to 15 (or several 
cracks> 3) 

1 5 to 25 (also depends 
on number of cracks) 

Usually> 25 (depends 
on number of cracks) 

signer is responsible for developing the instru
mentation program, determining the appropri
ate types of geotechnical monitoring instru
ments, identifying their locations and 
establishing the values that trigger remedial 
action responses from the contractor. 

requested to review and comment on the miti
gation measures proposed by the contractor. In 
instances where the CA/T Project geotechnical 
engineer analyzing the instrumentation data 
detects a potential problem, the Conservator 
will be contacted to arrange for a site visit. 

There are two types of response values: 

• Threshold values, an early warning level at 
which implementation of mitigative 
measures becomes necessary; and, 

• Limiting values, which establish the maxi
. mum allowable measurement values and 
may result in temporary work stoppage 
(if necessary). 

Should a threshold value be triggered during 
the monitoring, the Project Conservator may be 

28 CIVIL ENGINEERING PRACTICE 5PRING/5UMMER1996 

In the event that a situation occurs during 
construction that threatens an historic building, 
the Resident Engineer may call on the Project 
Conservator for advice. If damage to an historic 
building occurs, the Resident Engineer notifies 
the Project Conservator through the project's 
authorized representative for the conservator 
contract. It is the Project Conservator's respon
sibility to determine whether or not the situ
ation warrants calling in the Massachusetts 
Historic Commission and the Boston Land
marks Commission. 



Structural Category 

Foundation 

Framing 

Interior Finish 

Examples 

II Foundation 

Framing 

Interior Finish 

Examples 

Ill Foundation 

Framing 

TABLE 2. 
Structural Categories 

Definition 

Competent foundations 

Reinforced concrete, steel or timber 

No plaster 

· Industrial buildings, bridges, masts, concrete retaining walls, 
unburied pipelines, underground structures (such as caverns, 
tunnels, galleries - lined & unlined) 

Concrete or competent masonry 

Any framing (except as described in Ill below) 

No plaster 

Engineered concrete & masonry buildings, masonry retaining 
walls, buried pipelines 

Less competent masonry 

Horizontal timber framing supported on masonry walls 

Interior Finish Any finish, including plaster 

Examples "Non-engineered" buildings 

IV Buildings that are extremely susceptible to damage from vibration. 

Note: From Ref. 4 

TABLE 3. 
Vibration Acceptance Criteria 

Source M Source S 
Structural Category Frequency (Hz) V max (inch/sec) Frequency (Hz) V max (inch/sec) 

1-30 0.5 10-60 1.2 
30-60 0.5-0.7 

. 
60-90 1.2-1.6 

.. 
II 1-30 0.3 10-60 0.7 

30-60 0.3-0.5 
. 

60s90 0.7-1.0 
.. 

Ill 1-30 0.2 10-60 0.5 .. 
30-60 0.2-0.3 60-90 0.5-0.7 

IV 1-30 0.12 10-60 0.3 
30-60 0.12-0.2 • 60-90 0.3-0.5 

.. 
Source M: Continuous or steady-state vibration such as from vibratory pile drivers, hydromills, large pumps & compressors, bulldozers, trucks, cranes, 
scrapers & other large machinery (jackhammers & reciprocating pavement breakers & compactors) 

Source S: Transient or impact vibrations such as from blasting with explosives, drop chisels for rock breaking, buckets, impact pile drivers, wrecking balls 
& building demolition, gravity drop ground compactors & pavement breakers. 

Notes: From Ref. 4 
• Interpolate between 30 and 60 Hz according to vibration intensity. 
** Interpolate between 60 and 90 Hz according to vibration intensity. 

Continuing Oversight 
The Project Conservator's oversight role is im
plemented through an ongoing consultation 

process to report on design development and 
construction activities relative to historic build
ings. CA/T Project staff hold regular consult
ation meetings with FHWA, the SHPO and the 
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BLC at which the Project Conservator reports 
on the design and associated mitigation meas
ures. 

At the completion of each section's final de
sign, the Project Conservator summarizes in 
writing the results of the review and describes 
the mitigation measures included in the design 
to protect the historic buildings. The MHD sub
mits the report to the FHWA and to the other 
interested agencies in order to document com
pliance with the MOA. 

The consultation process will continue 
through construction in order to keep the his
toric regulatory agencies apprised of the imple
mentation of the design packages and the de
velopment of any problems relating to historic 
buildings. CA/T Project staff report on the 
status of the ongoing construction contracts, 
and the Project Conservator briefs the agencies 
on issues on which team members have been 
involved. The objective is to keep the agencies 
informed about construction progress. Even 
though it is everyone's intent to ensure that the 
effects on historic buildings are limited to those 
identified and agreed to through the design 
process, in a project as complex as the CA/T 
there may be unforeseen incidents. The historic 
regulatory agencies understand this possibility 
but have the added assurance of knowing that 
their interests are represented by the Project 
Conservator working under contract to the 
MHD. 

Summary 
The Project Conservator's role provides a 
means of incorporating historic preservation 
into design and construction in an effective and 
helpful manner: The team's independence of 
the design engineers provides a bridge between 
the CA/T Project and the MOA agencies. The 
project's commitment to protecting historic re
sources is reflected in the significance afforded 
to the Project Conservator's functions and the 
integration of the Conservator's role with the 
development of final design and construction 
documents as well as the team's continued in
volvement during construction. As a result, the 
historic regulatory agencies and the project pro
ponents - the MHD and the FHWA - have 
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developed a working relationship based on 
trust and collaboration with the common goal 
of building the CA/T Project with as little dam
age to the historic buildings as practically pos
sible and in harmony with its historic setting. 
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Case Study 

Design & Construction 
of the Circular Coffer dam 
for Ventilation Building 
No. 6 at the Ted 
Williams Tunnel 

The adoption of a circular 
cofferdam design suited the 
site's unusual loading 
requirements, made in-process 
design alteration easy and 
reduced costs. 

MINHAJ KIRMANI & STEVEN C. HIGHFILL 

The first major construction. contract 
awarded for the Massachusetts High
way Department's (MHD) Central Ar

tery /Tunnel (CA/T) Project was for the Third 
Harbor Tunnel (which was subsequently 
named the Ted Williams Tunnel). An exten
sion of Interstate 90, the tunnel now connects 
Logan International Airport in East Boston 
across Boston Harbor to South Boston. The 
contract called for an immersed tube tunnel 
(ITT) consisting of twelve sections, the last 

terminating in South Boston at Ventilation 
Building No. 6, approximately 600 feet inland 
from the shoreline. 

Individual sections of the tunnel were low
ered into a pre-excavated trench in the harbor 
and then backfilled (see Figure 1). The shoreline 
was excavated and the final section of the tun
nel on the South Boston side was placed in a 
trench against the excavation support system 
for the ventilation building. In order to com
plete the connection between the buildings and 
the tunnel, a watertight seal was created. The 
building was constructed as part of a separate 
contract. However, excavation for the building 
was completed as part of the ITT Project. A 
unique circular cofferdam was designed and 
constructed to serve these functions. 

Preliminary Design 
The contractor was responsible for selecting an 
appropriate cofferdam design that was subject 
to criteria set forth in the project contract docu
ments. The contract established the clear di-
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FIGURE 1. ITT Section No. 1, which was placed against the cofferdam, is supported by lay 
barges in South Boston. The secondary cofferdam is being erected in the background. 

mensions within the cofferdam as 150 by 220 
feet, and the required depth to subgrade at 
approximately 80 feet. 

The contract documents suggested two pos
sible support systems. The first option involved 
an initial dredging operation followed by the 
installation of eight cellular cofferdams. A sheet 
pile braced bulkhead was recommended to al
low the tube connection to the ventilation 
building (see Figure 2). The second option was 
a cofferdam constructed of concrete-filled pipe 
anchor piles supporting sheet piling. This sys
tem also required an initial dredging operation 
and was to have been braced using internal 
struts for the upper levels and tiebacks in rock 
for the lower levels (see Figure 3). 

The contractor considered several design
and construction-related issues affecting these
lection of an excavation support system: 
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Site/Soil Conditions. The location selected 
for the ventilation building presented sev
eral difficulties. The site - entirely seaward 
for the original bulkhead line - was filled 
with extraneous materials. Piers erected dur
ing World War II had since been demolished 
and their remains left on site. For the last 20 
years or so, the area had been used as a dump 
for building debris and founda.tion excava
tions from throughout Boston. These materi
als would constitute an obstruction to any 
system used as the support for excavation. 
The soil profile consisted of approximately 
50 feet of these fill materials, 25 feet of Boston 
blue clay and 10 feet of glacial till. The till 
overlaid weathered argillite, which was ex
pected to be encountered within the depth of 
excavation at the northern end of the build
ing. 
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FIGURE 4. An aerial view of the cofferdam after the ITT tunnel section has been placed in 
the excavated trench. Note the secondary cofferdam and the circular steel access shafts for the 
tunnel adjacent to the cofferdam. 

Ventilation Building No. 6. The building 
was to be constructed above and on both 
sides of the roadway tunnel. The ventilation 

· and tunnel portions were designed as a 
monolithic structure constructed of rein
forced concrete up to grade, with the above 
grade portion of the building constructed of 
structural steel. The below grade structure 
included four levels of framing and a 
number of walls and baffles in both direc
tions to form the ventilation shafts. The foun
dation for the building consisted of a base 
mat supported by deep rock-socketed cais
sons with tiedowns to provide resistance to 
hydrostatic uplift. This complex structure 
would have to be built within the constraints 
presented by the excavation support system. 

Water. The design water level was only 6 
feet below grade. During the installation of 
the final section of the ITT, a trench would be 

34 CIVIL ENGINEERING PRACTICE SPRING/SUMMER 1996 

created and the cofferdam would be exposed 
to the harbor. Consequently, an essentially 
waterproof wall would be required and 
would need to be socketed into the bedrock 
to create a seal. Since the condition of the 
rock was known to be variable and likely 
contained highly permeable seams, the sys
tem would need to anticipate possible grout
ing operations. 

Watertight Seal for the ITT. To make the 
connection between the final tunnel· section 
and the building in dry conditions, a water
tight seal would need tobe created between 
the end of the tunnel and the cofferdam. 

Unbalanced Loads. To install the final sec
tion of the ITT, the soil on the north side of 
the cofferdam would be dredged to a depth 
of approximately 80 feet. Dredging would 
occur after the interior of the cofferdam was 
fully excavated. With soil and water pres-



sure acting on the south face and only water 
pressure on the north, an unbalanced load of 
approximately 15,000 kips would be pro
duced that would act in the direction of the 
proposed north opening (see Figure 4). 

Penetrations of the Cofferdam. The roadway 
tunnel section within the cofferdam was to 
connect to the ITT on the north side of the 
building and was to continue into South Bos
ton on the opposite end. Each end of. the 
cofferdam would require a penetration that 
was roughly 40 feet high by 90 feet wide. . 

The contractor made an early decision to use 
reinforced concrete diaphragm (slurry) walls to 
construct the cofferdam. Selecting the bracing 
system was more difficult. The slurry wall sys
tem was believed to best address at least some 
of the issues described above. The system pro
duces an essentially waterproof wall and can be 
constructed into the rock. Embedding the brac
ing system in rock would substantially reduce 
water penetration and would have the added 
benefit, in this case, of providing significant 
shear capacity that could be mobilized.to resist 
the expected unbalanced loads. In addition, the 
excavation of the slurry trench would remove 
the debris anticipated in the layer of fill material. 

The original cofferdam selected by the con
tractor consisted of a rectangular configuration 
of 3-foot-thick concrete slurry walls with inter
nal bracing. This system was similar to the 
second option described in the contract docu
ments. While planning and final design were 
getting under way, however, two facts became 
evident. First, the loads in the bracing would be 
very large and the unbalanced load produced 
by the excavation to install the adjacent tube 
section would make the behavior of the struc
ture difficult to predict. The second issue was 
that this design would create difficult condi
tions for the construction of the ventilation 
building in a future contract. A maze of at least 
six levels of heavy bracing would be required, 
around and through which the concrete struc
ture would have to be built. To complicate mat
ters, access around the bracing for caisson in
stallation would be very limited (see Figure 5). 

In order to improve the conditions for the 
construction of the ventilation building, use of 
a circular cofferdam was then explored. The 

principal advantage of this shape is that under 
uniform loads it is essentially self-supporting. 
Lateral pressures from soil and/ or water are 
resisted by the structure as hoop (axial) forces 
and produce no bending stress. Experience had 
been gained on recent projects using circular 
cofferdams constructed with slurry wall panels 
as the system for support of excavation. These 
projects included: 

Charlestown Pump Station in Boston (1990). 
This project requjred a 103-foot diameter, 
55-foot deep excavation. Water cut-off was 
achieved by extending the 3-foot thick slurry 
walls 45 feet below the depth of excavation 
into an impermeable layer of till. The bottom 
30 feet of the slurry wall panels were of 
unreinforced concrete. 

South System Pumping Station on Deer Is
land, Winthrop (1992). This project required a 
140-foot diameter, 80-foot deep excavation. 
Water cut-off was achieved by extending the 
3-foot thick slurry wall panels a minimum of 
5 feet below the bottom of excavation into 
Boston blue clay. 

Access Shafts at Nut Island & Deer Island 
(1991). This project required a 25-foot diame
ter, 100-foot deep excavation. The toe of the 
slurry wall panels was rock socketed. These 
2-foot thick slurry wall panels were of unre
inforced concrete. 

In each of these projects, the cylindrical cof
ferdams were constructed using sections of 
straight slurry wall panels and were excavated 
without internal or external bracing. They were 
all checked for modest unbalanced loading due 
to non-uniform excavation within the coffer
dam. The minor bending moments could be 
easily accommodated by the wall panels. The 
overall stability of the cylinder was assured by 
activating the passive resistance of the sur
rounding soil mass. Small penetrations of these 
cofferdams were accommodated using local ar
eas of reinforcing. 

The proposed ITT cofferdam would differ 
from these previous projects in three significant 
ways: 

• The trenching required to install the final 
tube section would subject the ITT coffer-

CIVIL ENGINEERING PRACTICE SPRING/SUMMER 1996 35 



FIGURE 5. Construction of Ventilation Building No. 6 within the cofferdam. 

dam to significant non-uniform loading 
conditions. 

• The connection to the ITT and the con
tinuation of the roadway into Boston 
would require two very large penetra
tions of the cofferdam. 

• The cofferdam would have to be much 
larger than the earlier cofferdams. 

To maintain the required clear dimensions 
for the ventilation building, the cofferdam 
would need to have a diameter of at least 250 
feet. The unbalanced loads and required open
ings would produce significant horizontal 
bending stresses that could not be accommo
dated by the slurry wall panels. Since the axial 
forces in a circular cofferdam are proportional 
to wall pressure and to diameter, it was deter
mined that even simple axial stress could not be 
accommodated with a 3-foot-thick slurry wall. 

· Clearly, the capacities of the slurry wall would 
need to be supplemented. 
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Several methods of construction were ex
plored. A structural system was finally se
lected consisting of a segmented cylinder of 
slurry panels with an internal concrete liner. 
The slurry panels were embedded in rock for 
lateral stability and for water cut-off. The cast
in-place concrete liner was constructed against 
the inside face of the slurry wall panels and 
was installed as individual ring beams in se
quence with the excavation. Each of the ring 
beams were approximately 8 feet high and 
were constructed immediately below the pre
vious ring beam to form a monolithic struc
ture. The ring beams varied in thickness to 
respond to the horizontal bending stresses pro
duced by the anticipated nonuniform loads 
and to the stress concentrations at the north 
opening. No internal or external bracing was 
required. Upon completion of preliminary 
analysis, the proposed system was submitted 
to the MHD and the concept was accepted. 
Figures 6 and 7 show the concept of the pro-



posed cylindrical coffer
dam. 

Analysis & Design 
A three-dimensional finite 
element model of the circular 
cofferdam was developed to 
subject the structure to a 
broad range of site and load
ing conditions, including: 

• Varying the boundary 
conditions at the base 
due to differences in ac
tual rock elevations; 

• Sequencing of construc
tion; 

• Soil and rock parame
ters; 

• Unbalanced loading 
due to non-uniform ex
cavation within the cof
ferdam; 

• Dredging operations 
outside the cofferdam; 

• Localized dewatering 
outside the cofferdam; 
and, 

• Construction surcharge 
in limited areas. 

North 

South 
Opening 

FIGURE 6. An axonometric view of the ITT cofferdam. 
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FIGURE 8. ·Graphical form of the results produced by post-processing program. 

The analytical model was updated to incorpo
rate field data as construction of the slurry 
walls and · other construction activities pro
gressed. 

In order to expeditiously review and inter
pret the massive numerical output produced 
for each stage of analysis, a post-processing 
computer program was developed to graphi
cally reproduce displacements and other perti-
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nent design information. Figure 8 shows an 
example of this program for construction stages 
III and IV. 

The cylindrical cofferdam consisted of two 
distinct components: the slurry wall panels and 

· reinforced concrete ring beams. The methods of 
construction were such that the slurry wall pan
els would provide vertical continuity over the 
height of the structure but would be horizon-



tally discontinuous since panel joints occur at 
roughly 26 feet on center. The circular ring 
beams were constructed completely at each 
level and provided the necessary horizontal 
continuity. The ring beams had a cold joint 
with only nominal reinforcing between each 
lift and, therefore, had limited vertical bending 
capacity. 

The following assumptions were made for 
the load-carrying mechanisms of the cofferdam 
structure: 

• Hoop stresses (axial compression) would 
be resisted by the combination of slurry 
walls and ring beams in . proportion to 
their thicknesses. 

• · Horizontal bending would be resisted by 
the ring beams. 

· • Vertical bending would be resisted by the 
· slurry wall. 

• Buckling of the cylindrical cofferdam 
would be checked with the combination 
of the slurry wall and the ring beams. 

The design requirements for the north open
ing of the cofferdam had always been well un
derstood since it had to accommodate connec
tions to the ITT. The design requirements for the 
south opening were less well defined because 
the sequence of construction for the ventilation 
building and the roadway into South Boston 
was tobe the responsibility of a future contract. 
In fact, the contract was not awarded for the 
below grade portion of the ventilation building 
and the connecting roadway through South. 
Boston until roughly midway into construction 
of the cofferdam. The ring beams were addi
tionally reinforced in anticipation of the south 
opening, but the final design of the structure 
around this opening was completed after the 
cylinder was constructed. The designs for the 
cylinder and the north opening were completed 
in the initial design phase. Analysis and design 
for the south opening were completed in a sub
sequent phase. 

Cylinder & North Opening 
The results of the preliminary analysis con
firmed that the primary mode of support for the 
structure was through hoop stresses ( axial com
pression) of the cylinder. Based on this analysis, 

the slurry walls were sized at 3 feet thick. The 
minimum thickness of the ring beams was also 
set at 3feet. Due to the unbalanced load during 
trenching operations and stress concentrations 
at the opening, the thickness of the ring beams 
varied between 3 feet outside the north opening 
and up to a maximum of Bfeet above and below 
the center of the opening. Additional vertical 
and horizontal stiffness was provided by but
tresses on each side of the opening. The but
tresses were to be the same height as the cylin
der and approximately 25 by 25 feet in plan. 
They were also intended to act as gravity an
chors in order to prevent possible sliding 
caused by unbalanced lateral loads. The water
tight seal necessary between the cofferdam and 
the last section of the ITT was made · at the 
buttresses. Figure 9 provides a summary of the 
cofferdam construction sequence. 

The final design for the cylinder and the 
north opening was based on the analysis of 
seven stages of construction. The Stage I analy
sis assumed that the cylinder made of slurry 
wall panels was complete and excavation to 15 
feet below grade had occurred prior to the con
struction of any ring beams. In Stages II 
through V, ring beams were added with the 
excavation (see Figure 10). Each stage of analy
sis roughly coincided with the construction of 
two additional ring beams. The loads for Stages 
I through V varied only with depth, but were 
uniform around the circumference of the cylin
der. They were based on the net soil and water 
pressures and a construction surcharge pres
sure. In order to check the sensitivity of the 
structure to non-uniform loads, Stage IV was 
also analyzed assuming 15 feet of differential 
excavation across the width of the cofferdam. 
By Stage VI, the. cylinder and buttresses were 
complete and subjected to highly unbalanced 
loads because of the excavation required for the 
installation of the final tube section. In the final 
Stage VII, the cylinder was penetrated to form 
the north opening. 

The finite element model consisted of thin 
shell elements. The element thicknesses were 
modified for each stage of the analyses to cor
respond to the addition of ring beams. To sim

. plify the analysis, the ring beams and slurry 
wall were assumed to act monolithically rather 
than as two distinct components. This assump-
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FIGURE 9. A summary of the principal steps in the cofferdam construction. 

tion was reasonable since the primary load car
rying mechanism was through hoop stresses 
that would be shared proportionately. The 
bending moments predicted by the model us
ing this assumption were believed to be conser
vative since they would be based on elements 
with larger moments of inertia. This assump-
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tion was verified by a parametric study in 
which the axial stiffness of the structure was 
maintained while the moment of inertia was 
varied. 

Support conditions in the model included 
rollers at the bottom of the slurry walls for 
vertical loads, radial spring support in the soil, 



FIGURE 10. Construction of the second ring beam while excavation continues. 

and radial and tangential springs in the rock. 
The behavior of the structure was found to be 
sensitive to the stiffness of the radial rock 
springs. For this reason, two sets of analyses 
were run for each stage of construction, one 
using a "soft" spring of 500 kc£ and the other 
using a "stiff" spring of 5,000 kc£. 

The results of. the analyses indicated that 
axial compression in the cylinder remained the 
primary load-carrying mechanism during all 
stages of construction. The natural response of 
a circular structure to axial compression stress 
is to reduce its radius. If this movement were 
allowed to occur freely, no bending stresses 
would be generated. In this case, the toe sup
port provided by the rock-inhibited radial 
shortening of the cylinder at its base, in turn, 
generated vertical bending moments. Moder
ate vertical bending moments occurred during 
Stages I through V, which were resisted by the 
slurry wall panels (see Figure 11). This 
rock/ structure interaction was directly affected 

by the assumed stiffness of the radial rock 
springs with larger vertical bending moments 
occurring when the rock stiffness increases. 
While horizontal bending moments were insig
nificant during these stages, they became very 
important in resolving the unbalanced loads in 
Stage VI as well as in the stress concentrations 
produced at the north opening in the final 
stage. Maximum horizontal bending stresses 
occurred above and below the center of the 
opening in Stage VII (see Figure 12). In-plane 
shear stresses were found to be negligible ex
cept in the final stage when axial forces in the 
cylinder were shifted to above and below the 
opening.Bee Figure 13 for the deformed shape 
of the finite element model for the final stage. 

South Opening 
Work on the design for the south opening was 
not begun until the construction of the coffer
dam cylinder was near completion. The ring 
beams were provided with additional reinforc-
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Step 2 - Vertical Bending Moments During Construction 

Vertical Bending Moment Diagram All Moments• kip-ft/ft 

FIGURE 11. Vertical bending moments for a typical slurry wall panel predicted by analysis 
during construction Stage IV. 

FIGURE 12. Horizontal bending moments predicted by analysis for the ring beams above the 
north opening. 
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ing steel in the area of the south 
opening in anticipation of final 
resolution. However, the ring 
beams had been maintained at 
the minimum thickness of 3 
feet and buttresses similar to 

. those provided on the north 
side had not been possible.The 
cofferdam cylinder, therefore, 
had a fixed and somewhat lim
ited capacity.As a complication 
to the design, the top 20 feet of. 
the cofferdam had to be re
moved in one area to accom
modate an extension of the 
ventilation building. This 
notch was approximately 75 
feet wide and was located im
mediately adjacent to the east
ern edge of the south opening 
(see Figure 9). FIGURE 13. Deformed shape of the finite element model for 

In order to keep the design _th_e_n_o_rt_h_o_p_e_n_i_n_g_. _______________ _ 
requirements within the fixed 
capacity of the cofferdam cylinder, several ap
proaches to the construction of the opening 
were considered. An approach was adopted 
that required the least modification to the cof
ferdam structure. It was agreed that the con
struction of the ventilation building would pre
cede creating the opening or notch. After the 
roadway tunnel portion of the building was 
complete, the areas between the building and 
the cofferdam would be backfilled up to within 
16 feet of grade ( although the water level would 
be maintained at the level of the subgrade). The 
soil backfill had the beneficial effect of reducing 
the net pressure on the cofferdam by about one 
-third. The South Boston roadway adjacent to 
the cofferdam was to be constructed as a cut
and-cover tunnel, using slurry walls for the 
support of excavation. Approximately 40 feet of 
these walls were tied into the south face of the 
cylinder and were used to stiffen the edges of 
the opening. These "wing walls" served much 
the same function as the buttresses on the north 
side. A cap beam was cast on top of each wing 
wall and vertical tiedowns were installed in 
each slurry wall panel to compensate for the 
lack of mass. 

The effect of the notch was to drastically 
reduce the horizontal bending capacity of the 

cofferdam. The elevation of the bottom ofthe 
notch was less than 10 feet above the top of the 
opening. The ring beam immediately above the 
opening would be continuous below the notch, 
but the other ring beams above the opening 
wouid be interrupted at the edge of the notch. 
The reduced horizontal bending capacity was 
compensated for by constructing a 40-foot wide 
waling slab between the wing walls and against 
the south face of the cofferdam cylinder. The 
slab was installed at roughly mid-height be
tween grade and the opening and a waling 
beam was constructed immediately above the 
opening. The concrete slab and beam were 
formed on grade and installed in sequence with 
the general excavation for the cut-and-cover 
tunnel (see Figure 14). 

The south opening and notch could be created 
only after the internal backfill was placed and the 
wing walls, waling slab and waling beam were 
complete. Even so, certain areas of the cofferdam 
cylinder were subject to. high bending stresses. 
For these areas, a moment redistribution was 
performed and the overall capacity of the cylin
der was found to be sufficient. 

Secondary Cofferdam 
The final section of the immersed tube tunnel 
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FIGURE 14. Construction of the ventilation building. The south opening and notch are in the 
foreground and to the right. 

was placed in a trench between the buttresses 
and within four feet of the outside of the coffer
dam cylinder. In order to make the final connec
tion between the ITT and the roadway below 
the ventilation building, a secondary cofferdam 
was required that would allow the space to be 
pumped dry. The main component of the sec
ondary cofferdam was steel sheet box piles · 
placed on top of the ITT and extended up to 
grade. The box piles were laterally supported 
at the top of the tunnel and braced to the coffer
dam cylinder. The challenge was to create a 
flexible watertight seal between the sides of the 
ITT and the buttresses that would accommo
date thermal- and pressure-induced tunnel 
movements. 

The watertight seal was achieved using two 
hinged steel gates that spanned between the 
tunnel and the buttresses. Each gate was con
nected by a hinge to the face of the tunnel 
section and to vertical extensions of the tunnel 
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up to grade. The gates consisted of steel wide 
flange beams oriented in a horizontal position 
and a continuous vertical steel plate. The beams 
were spaced at approximately 4 feet on center 
and a hinge created by installing a steel pin 
through the web of each beam and through a 
seat bracketed off the tunnel. A continuous ver
tical rubber seal was attached to the opposite 
end of the gate and positioned against a steel 
channel embedded in each buttress. The tunnel 
extensions were 4-foot-square steel towers. One 
face of each tower aligned with the side of the 
tunnel. Each tower also acted as the terminus 
for one end of the steel sheet box piling. The 
towers were supported by, and laterally braced 
to, the tunnel (see Figures 15 and 16). 

The sheet piling, towers and gates were as
sembled onto the tunnel section during the final 
fitting-out process in South Boston (see Figure 
1). In order to facilitate transportation, the gates 
were temporarily swung into an "open" posi-
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tion and anchored to the face 
of the tunnel. The tunnel sec
tion was then floated into 
position against the coffer
dam and lowered into the 
trench. The gates were 
swung to their "closed" po
sition against the buttresses, 
and the sheet piling placed 
braced against the coffer
dam. Backfill was then 
placed on top of the tunnel 
and against the gate and the 
sheet-pile wall, creating a 
net positive pressure that ac
tivated the rubber seal of the 
gate. All this work had been 
completed under wet condi
tions. The space between the 
secondary and primary cof
ferdams could then be 
pumped dry. The primary 
cofferdam was penetrated to 
create the north opening, 
thereby allowing final con
nection between the road
way below the ventilation 
building and the ITT. 
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moved, a pre-trenching FIGURE 15. Plan view of the secondary cofferdam adjacent to 
phase of the excavation was the main cofferdam. 

-------------------------
performed. The full SO-foot 
depth of debris was excavated using a large 
backhoe with an extended boom. The cavity 
created by this operation was backfilled with an 
engineered material consisting of fine and 
course aggregate, cement, fly ash and ben
tonite. The 800-foot circumference of the coffer
dam was pre-excavated and backfilled prior to 
commencing slurry wall construction. 

Installing the slurry wall through the engi
neered fill, clay, glacial till and into rock was 
accomplished using conventional slurry wall 
construction methods. The wall was extended 
between 3 and 5 feet into competent rock to 

achieve a water cut-off. Rock was removed us
ing heavy star chisels and conventional grab 
buckets. A total of 32 wall panels and 10 but
tress panels were constructed. The average 
depth of panel was· 80 feet, while the average 
panel length was 24 feet, bringing the total area 
of the slurry wall constructed to 75,000 square 
feet (see Figure 17). _ 

Excavation within the cofferdam began after 
the entire cylinder of slurry wall panels was 
complete. A total of 10 contrete compression 
ring beams were installed as the excavation 
proceeded to subgrade. Transverse shear keys 
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FIGURE 16. Secondary cofferdam - plan detail A of the hinged gate. 

were formed in the soffit of all ring beams to 
ensure the transfer of in-plane shear. This ca
pacity was locally enhanced with reinforcing 
steel dowels installed between ring beams on 
both sides of the openings (see Figure 18). 

The inflow of. water over the height of the 
cylinder was negligible during the excavation 
and construction of the building due to the 
naturally low permeability of the slurry wall 
panels, which was enhanced by the axial com
pression in the panels and across the slurry wall 
joints. A very effective water cut-off was 
achieved between the bottom of the slurry wall 
and the rock. Only two areas required minor 
grouting at the wall/ rock interface to stop a 
minimal inflow of water. The cofferdam sub-
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grade was remarkably dry and only two small 
electric pumps were necessary to handle the 
inflow (see Figure 19). 

Additional analysis and redesign of the cof
ferdam occurred throughout the. construction 
process. The top of rock elevations and the 
depth of slurry wall panels were adjusted in the 
finite element model as the as-built information 
became available. Information on actual field 
conditions prompted, among other adjust
ments, a change in the construction process for 
the north opening. 

The design of the cofferdam assumed that 
the buttresses would contribute to the resis
tance of unbalanced iateral forces such as those 
created by the dredged.condition north of the 



cofferdam. The assumed lat
eral resistance would also 
have had the effect of reduc
ing the horizontal bending 
moments above, and espe
cially below, the north open
ing. In order to place the fi
nal tunnel section against 
the cofferdam, a limited area 
of rock had been removed 
during the dredging opera
tion that had required blast
ing. After excavating to sub
grade within the cofferdam, 
the actual condition of the 
rock below the buttresses 
was found to.be much worse 
than anticipated due to the 
poor condition of the on-site 
rock, which had been wors
ened by the blasting. The 
cofferdam had behaved as 
anticipated throughout the 
stages of construction even 
for the dredged condition 
(construction Stage VI in the 
analysis). Through addi
tional analysis, this perform
ance was attributed to the 
bearing and shear capacity 
of the rock outside the blast
damaged areas. 

The final stage was re
analyzed assuming that the 
buttresses were supported 
on rollers. This analysis 
showed that the horizontal 
bending moments below the 
opening would exceed the 
capacity of the ring beam. 

FIGURE 17. Installation of a reinforcing steel cage for a slurry 
wall panel. Each set of formed blockouts provides shear capacity 
between the slurry wall panel and one ring beam. 

The concern was that the sides of the opening 
would tend to close together. Further analysis 
suggested that the solution was to create the 
north opening in two steps. 

After the space between the primary and 
secondary cofferdams was pumped dry, the 
first step was to demolish the lowest 8 feet of 
concrete at the bottom of the proposed opening 
and to construct the bottom half of the roadway 
base slab through the slot created. The slab was 
used as a compression strut between the but-

tresses and was preloaded by jacking against 
the cylinder. This system effectively eliminated 
the bending problem. The remainder of the 
concrete at the opening was demolished during 
the second step. The clear width of the opening 
was monitored throughout the demolition 
process and the net movement was measured 
at less than 0.125 inch. 

The behavior of the cofferdam was moni
tored throughout the construction process by 
reading inclinometers embedded in the slurry 
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FIGURE 18. Construction of a ring beam. 

wall panels. The radial deflection of the cylin
der was read after the first stage of excavation 
and found to be much greater than anticipated. 
Review of these data suggested that this behav
ior was not induced by stress, but rather by the 
natural shrinkage of the reinforced concrete 
slurry wall panels during curing. The overall 
behavior of the cofferdam was found to be con
sistent with that predicted by the finite element 
model for the remaining states of construction 
when corrected for concrete shrinkage (see Fig
ure 20 on page 50). 

Conclusions 
The ITT cofferdam, at 250 feet in diameter, is 
among the largest structures of its type ever 
built. The two very large penetrations required 
to accommodate the connection to the ITT and 
the continuation of the roadway into South Bos
ton are unique features of the design. These 
openings constituted discontinuities in the cy
lindrical structure and, together with the large 
unbalanced loading conditions, required that 
multiple load-carrying mechanisms be avail
able. This need was met by using the combina-
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tion of vertical slurry wall panels and cast-in
place concrete ring beams. Due to these redun
dant load paths, the structure has been shown 
to readily accommodate a variety of unforseen 
and as-built conditions, including the re-design 
of the cofferdam to accept the south opening 
and the modifications at the north opening ne
cessitated by the poor base conditions at the 
buttresses: These, and other, design modifica
tions were implemented during the construc
tion process without significantly affecting the 
overall behavior of the structure. Furthermore, 
the use of the slurry wall method of construc
tion allowed the contractor to build a stable, 
water-tight structure prior to any excavation 
and provided a shear key between the cylinder 
and bedrock. 

Use of the circular cofferdam provided dis
tinct advantages to the project. The multiple 
capacities of the structure were well matched to 
the set of unusual loading requirements and 
site conditions. In addition, conventional 
braced excavations would have made construc
tion of the ventilation building very difficult 
and, therefore, expensive. Net cost savings to 



FIGURE 19. Construction of the cofferdam cylinder is complete. The outline of the varying 
ring beam thicknesses indicates the north opening is to the right. Installation for the ventilation 
building caissons has begun. 

the CA/T Project achieved by the ITT coffer
dam was estimated to be $4 million compared 
to the costs of conventional systems. The suc
cess of the cofferdam project suggests that 
structures of this type have the potential for a 
wide range of applications when customized to 
specific project conditions. 

Pre-trenching operations for the cofferdam 
cylinder were begun in March 1992. The cylinder 
construction, including excavation to subgrade, 
was substantially complete in the summer of 
1993. Roadway and ventilation building con
struction continued throughthe summer of 1995. 
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mersed tube tunnel designer. Ventilation Building 
No. 6 designer was HDR Engineering, Inc. The ITT 
contractor (C0SA1) was a joint venture of Morrison 
Knudsen, Interbeton and JF White. JF White was 
responsible for design and construction of the ITT 
cofferdam. Tunnel and below grade construction of 
Ventilation Building No. 6 (C04A2) were performed 
by Kiewit, Perini, Atkinson, Cashman - a joint 
venture. Above grade construction of Ventilation 
Building No. 6 (C04A3) was performed by Walsh 
Construction Co. Structural design of the ITT cof
ferdam was by Weidlinger Associates, Inc. The 
geotechnical consultant for the ITT cofferdam was 
GEI Consultants, Inc. The figures were prepared by 
Penny Regenos, Charles Hamlin, Julie Sant and 
Dave Dolan - all of Weidlinger Associates, Inc. 
Photographs were prepared by Abbott-Boyle, Inc., 
construction photographers. 
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Site Study 

Full-Scale Tiedown Tests 
for the Central Artery/ 
Tunnel Project 

A test program was developed 
to obtain data that would 
provide the basis for more 
accurately predicting tiedown 
capacity for the preliminary 
design of this large project. 

MARCO BOSCARDIN, GERALDO R. IGLESIA 
& MARY-LOUISE F. BODE 

During the geotechnical investigation 
phase of the Central Artery /Tunnel 
(CA/T) Project in Boston, Massachu

setts, full-scale tied own tests were performed at 
two test sites in the Central Area of the project 
(see Figure 1). A total of 14 instrumented tie
downs - seven at each of two ventilation 
buildings - were installed and tested. The tie
downs were installed with anchorages in spe
cific soil or rock strata, including glaciomarine 
deposits, glacial till and rock strata that ranged 
from completely weathered to slightly weath
ered argillite. Three types of tiedown tests were 
performed; Initially, a load test to failure was 
performed on one tiedown anchored in each 
stratum at each site. Based on the results, refer
ence design loads were selected and load tests 

(that included a 72-hour constant load) were 
performed on the remaining tiedowns. Instru
mentation of the tiedowns included vibrating 
wire strain gages mounted on the tiedown 
strands at various locations within the anchor 
zone to provide data to evaluate load transfer. 
The data that were collected have been evalu
ated according to current methodologies used 
to predict tiedown capacity and behavior. 

Site preparation began in January 1992, tie
down installation proceeded through the mid
dle of February 1992 and most of the testing 
was completed by April 1992. Long-term moni
toring of four tiedowns (two at each site) was 
also performed for approximately two years. 

The purpose of the tiedown element test 
program was to obtain site-specific data re
garding the capacity and performance of tie
downs in the Central Area. The objectives of the 
tiedown element test program were: 

• To obtain data on the grout-to-ground 
bond capacity of the tiedowns with an
chorages in the glaciomarine, glacial till or 
rock (argillite) strata; 

• To study the load transfer and the long
term creep behavior of the tiedown an
chorages; and, 

• To obtain data that would provide the basis 
for the design of permanent tiedowns that 
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FIGURE 1. Location of the tiedown test sites. 

would resist hydrostatic uplift pressures 
on the proposed vent buildings. 

Methods for Predicting Capacity 
. The methods that can be used to predict tie

down capacity can range from the use of em
pirical data on bond stress from previous tests 
in similar subsurface conditions to estimates of 
capacity based on in-situ or laboratory test pa
rameters. 

The estimated design capacities of similar 
anchors in similar ground conditions are deter
mined by multiplying the. surface area of the 
sides of the anchor bond zone by the "bond 
stress" appropriate for the ground conditions. 
This simplified approach does not account for 
the inherent variability of subsurface condi
tions and construction methods, or the effects 
of foundation geometry and stiffness. How
ever, it does provide a useful starting point 
before considering more refined approaches. 

Use of empirical data from the literature may 
be appropriate for smaller projects, but can be 
uneconomical for many projects due to the 
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large factor of safety required to account for the 
uncertainty inherent in the method. Empirical 
values of bond stress contained in the literature 
and used for calculating tiedown capacity in 
various soil and rock materials are provided in 
Table 1 and in Figures 2 and 3. 

Other approaches that are available for pre
dicting anchor capacity are based on correla
tions with in-situ and laboratory tests. These 
methods are generally based on direct compari
sons of the measured soil or rock parameters 
and the measured tiedown capacity at several 
sites and are extrapolated to estimate tiedown 
capacities at other sites where similar field or 
laboratory tests have been performed. 

Among the test parameters used to estimate 
anchor capacity are standard penetration test 
(SPT) N-values, pressuremeter limit pressures, 
the unconfined compressive strength of rock 
and the compressive strength of concrete. 
Some common correlations of SPT N-values to 
observed side shear resistance and anchor ca
pacity are shown in Figures 4 and 5. Similarly, 
correlations of side · shear resistance versus 



TABLE 1. 
Selected Empirical Values of Bond Stress 

Bond Stress Ultimate or Source 
[Working] (ksf) Pile or Anchor & Soil/Rock Characteristics (see References) 

0.5~11 Clay tiH(Boston, Mass.) Ref. 1 

8.8 L = 4.5 meters, d = 11.4 centimeters Ref. 2 (Figure 4- l9b) 

4.2 L= 5 meters, clay, medium plasticity (marl) Ref. 2 (Figure 4-24) 

2 L= .5 meters, clay, medium to high plasticity Ref. 2 (Figure 4-24) 

5 1..= 5 meters, clay, medium to high plasticity, post-grouted Ref. 2 (Figure 4-24) 

9 L= 5 meters, sandy silt, medium plasticity (marl), post-grouted Ref. 2 (Figure 4-24) 

8 L= 5 meters, sandy silt, medium plasticity (marl) Ref. 2 (Figure 4-24) 

[0.5] Friction pile in inorganic clay Ref. 3 (Section 1214.3.2) 

0.15-0.6 Caissons in silt & soft clay Ref. 4 (Table 21.1) 

1.0-4.0 Caissons in very stiff clay Ref. 4 (Table 21 .1) 

2.09-6.27 Stiff to very stiff clay Ref. 5 

6.27-10.44 Sandy silt Ref.5 

4.2-7.6 Sand & silt for 11 .4-centimeter diameter Ref. 6 

1.7-3.4 Silt/clay mixture for 11 .4-centimeter diameter Ref. 6 

8.56 L = 4.8 meters, d = 11.4 centimeters Ref. 2 (Figure 4-19b) 

2.0 Weathered sandstone & shale; failure not reached Ref. 4 (Table 20.5) 

[25] For(,! = 3,500 psi Ref. 4 (Table 20.5) 

[28.8] Sound, hard rock (allowable) Ref. 4 (Table 20.5) 

17.3-28.8 Slates & hard shales Ref. 2 (fable 4-4) 

2.9-17.3 Soft shales 
·. 

Ref. 2 (Table 4-4) 

4.39-17.3 Soft shale Ref. 2 (Table 4-5) 

20 Weathered sandstone & shale Ref. 4 (Table 20.5) 

8.5 Soft shale, 11 .4-centimeter diameter Ref. 4 (Table 20.5) 

7.3 Weak shale Ref. 5 

2.1-8.4 Soft sandstone & shale Ref. 5 

7.7 Soft sandstone & shale Ref. 5 

< 87.7 Competent rock (unconfined compressive strength > 20 N/mm2
) Ref. 5 

7.3-14.6 Weak rock Ref. 5 

8.2 Very weathered shale (argillaceous) Ref. 7 

[12.95] Shale Ref. 7 

(6.3] Shale (safety factor= 2~ 1) Ref. 7 

[2.7-5.0] Shale· Ref. 7 

[12.95] Grey siltstone Ref. 7 

[17.1] Argillite Ref. 7 

[13.21 Mudstone Ref. 7 · 

(5.2-10.4] Bedded sandstone & shale Ref. 7 

(1.5] Shale & sandstone (safety factor = 1 .5) Ref. 7 

2.1 Shale & sandstone Ref. 7 
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FIGURE 2. Empirical side shear resistance in cohesive soils. 
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Ultimate Load Capacity of Anchors in Sandy Gravel & Gravelly Sand 
Showing the Effects of Soil Type, Density & Fixed Anchor Length 
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Bonded (Grouted) Length, L0 (feet) 
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FIGURE 3. Empirical side shear resistance in sandy gravel. 

pressuremeter limit pressure and side shear re
sistance versus unconfined compressive 
strength of rock are provided in Figures 6 and 7. 

Finally, there are theoretical approaches that 
may be used to estimate anchor capacity in soils 
based on empirical parameters commonly used 
to calculated side resistance · for piles. Three 
such methods are: 

• The alpha (a) method; 
• The beta (~) method; and, 

• The lambda (A) method. 

The a-method is a total stress analysis and 
assumes u~drained conditions.18 The ultimate 
capacity, Qu, of an anchor in soil can be calcu
lated using the following equation: 

Qu = nD J; a(z)Su(z)dz 

Where: 
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FIGURE 4. Correlations between side shear resistance and SPT N-value. 

D = Diameter of anchor bond zone 
L = Length of the bond zone 
z = Depth along the bond zone 
Su = Undrained shear strength of the soil 
a. = An empirical reduction factor to ac

count for the effects of construction on 
undrained shear strength 

The value for a. is obtained empirically. Several 
sources have suggested values for a..18-22 

The A-method also assumes that the side 
shear resistance is a function of undrained 
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shear strength. However, it also considers the 
effect of the mean effective overburden stress 
using Rankine earth pressure theory. The A.

method is described by the equation: 

Where: 

Js = Unit side shear capacity 
cr' m == Mean effective overburden stress 
"' = Empirical reduction factor 
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FIGURE 5. Empirical anchor capacity versus SPT N-value. 

Several sources give values for A,16,23 

The f3-method is an effective stress analysis 
that can be used for either drained or undrained 
conditions. The equation used to determine an
chor capacity in the /3-method is: 

Qu =rcof>'(z)P(z)dz 

Where:. 

f3 = Ktano 
o = Friction angle of the anchor/ ground 

interface 
K = Coefficient of horizontal stress 
cr' = Effective vertical stress 

Values for the various parameters can be found 
in several sources. 2,16,24-26 

Site & Subsurface Conditions 
Seven tiedowns were installed and tested at 
each test site. Both test sites have been used as 

parking areas and the ground surface at each 
site is relatively level. The ground surface of 
Test Site No. 1 is paved with bituminous con
crete. The ground surface of Test Site No. 2 is 
unpaved. Three tiedowns were installed and 
tested in the soil stratum of interest at each test 
site. - the glacial till and the glaciomarine de
posit at Test Site Nos. 1 and 2, respectively. In 
addition, two tiedowns were installed in. the 
upper, less competent rock, and two tiedowns 
were installed in the lower, more competent 
rock at each site. The arrangement of the tie
down elements and the subsurface conditions 
at Test Site Nos. 1 and 2 are illustrated in Figures 
8 and 9, respectively. 

The tied owns at Test Site No. l were installed 
approximately 13 feet apart along a straight 
line. Three of the tiedowns were installed with 
anchor zones in the glacial till. The anchor 
zones in the glacial till were about 15 feet long 
and centered about 55 feet below· the ground 
surface. Post-grouting was performed on one of 
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··------·__: Tell-Tale to Top of Bond Zone 

·--····-- Seven Strands of 0.6-inch Diameter 
Pre-Stressing Cable (58.6 kips GUTS 
Each) 

A 
------ Steel Casing to 1 Foot Above Top of 

Bond Zone, Left in Place During Test Section A-A 

Polyethylene Bond Breaker 

· 0.625-in Polyethylene 
Tubing 

Strain Gage Attachment 
. Clamp (Superimposed~~-, 

D+-c---- Vibrating Wire Strain Gage ',., 

{-:._ Before Load Testing & _After Grout Was Placed, Casing ··· •. if- Was Pulled Back a Minimum of 1 Foot (Excess Grout Was 

.,,,---- 7-Wire 0.6-in Strand 
~-,.· 

Flushed Out Above Bond Zone) · · ' 

1L 4-inch Nominal Diameter -:. ------ Leads From 
-- Strain Gages 

Grout .- . 
. -·---·······-Vibrating Wire Strain Gage .;• 

Below 

(Typical), Each Attached to a • 
Different Strand · · : . ... ..• ,. ..... ~-

•,. 

Tiedown Element Neat Cement Grout · "-_ 

-;-.. 0.625-in Polyethylene 
Grout Tube 

(Not to Scale) 

FIGURE 10. Tiedown element details. 

the tiedowns (AC61-1) in the glacial till. Two 
tiedowns were installed with anchor zones in 
an area of severely to completely weathered _ 
argillite just below the top of rock. The anchor 
zones were approximately 15 feet long and 
were centered about 85 feet below the ground 
surface. The remaining two tiedowns were in
stalled with 10-foot-long anchor zones in an 
area of severely weathered argillite. The anchor 
zones for this last pair of tiedowns were cen
tered about 110 feet below the ground surface. 

The tiedowns at Test Site No. 2 wereinstalled 
approximately 15 feet apart in a staggered pat
tern. Three tiedowns were installed with. an
chor zones in the glaciomarine deposit. The 
anchor zones in the glaciomarine were about 15 
feet long and were centered about 57 feet below 
the ground· surface. Post-grouting was· per
formed on one of the tiedowns (AC62-2) in the 
glaciomarine deposit. Two tiedowns were in
stalled with anchor zones in an area of slightly 
to severely weathered argillite just below the 
top of rock.. The anchor zones were approxi-
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Section 8-8 

'-8-Strand Spacer by 
Lang Tendons 

mately 6 feet long and centered approximately 
85 feet below the ground surface. The short 
anchor length was chosen so that grout/ grout 
bond failure could be achieved and an ultimate 
bond value determined. The remaining two 
tiedowns were installed with 6-foot-long an
chor zones in an area of slightly weathered 
argillite. The anchor zones for this last pair of 
tiedowns were centered at about 110 feet below 
site grade. 

Additional information regarding the test 
sites, soil and rock conditions, and test proce
dures, details and results can be found in sev-
eral reports to the CA/T Project.27

·
32 

. 

Tiedown Elements 
The tendons for the tiedown elements consisted 
of seven strands of nominal 0.6-inch-diameter, 
seven-wire prestressing steel (see Figure 10). 
Each strand had a nominal cross-sectional area 
of 0.217 square inch, a guaranteed ultimate ten
sile strength (GUTS) of 58.6 kips (which corre
sponds to an ultimate stress of 270 ksi) and an 
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FIGURE 11. Strand instrumentation and strain gage attachment. 

approximate modulus of elasticity of 28,600 ksi. 
The · bond zones were grouted with Portland 
Type I/Type II neat cement grout. Cube sam
ples of the grout used -in each tiedown were 
made, and an independent laboratory tested 
the cube samples. The results of tests on the 
cube samples indicate 28-day grout compres
sive strengths of at least 5,000 psi. 

Tiedown Installation 
The contractor developed and implemented 
procedures for installing the tiedowns, includ
ing instrumentation and instrumentation test
ing. Prior to installing the tiedowns, the con
tractor performed laboratory strain gage 
attachment tests to demonstrate that the strain 
gage installation method that was selected 
would work. The components of a typical tie
down are shown in Figure 10. The unbonded 
length section of each strand was greased and 
sheathed with polyethylene to provide a bond 
breaker in the event that grout remained above 
the proposed top of bond zone. Five or six of 

the seven strands in each tendon were 
equipped with vibrating wire strain gages, de
pending on the length of the bond zone. Six 
vibrating wire strain gages were installed on 
tiedowns with 10- and 15-foot-long bond zones, 
and five gages were installed on tiedowns with 
6~foo_t-long bond zones. One gage was 
mounted on the free length of each tendon. The 
remainder of the gages were mounted in the 
anchorage bond zone. 

During fabrication, each strand was un
coiled and laid flat. The strain gages were at
tached to the strands with steel clamps (see 
Figure 11). Plastic spacers designed for eight
strand anchors were used to hold the seven 

- strands of the tiedown, the grout tube and the 
instrumentation cables in place in the bond 
zone. The wires from the strain gages ran 
through the opening in the center of the plastic 
spacers and up along the strands to the top of 
the tendons.· A 0.625-inch-diameter grout tube 
was placed in the eighth strand location -of the 
plastic spacet. For tendons AC61-1 and AC62-2, 
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a tube-a-manchette was placed in the eighth 
tendon slot for post-grouting, and the grout 
tube was placed with· the strain gage wires in 
the center of the tendon assembly. The center of 
the top strain gage in the bond zone was located 
approximately 1 foot from the top of the bond 
zone. The center of the bottom strain gage was 
located roughly 1 foot above the bottom end of 
the tendon. The center of the free length gage 
was located approximately 5 feet above the top 
of bond zone. Strain gages located between the 
top and bottom of the bond zone were evenly 
spaced with no two gages attached to the same 
strand. 

During shipping to the site, the tendon free 
length was rolled and tied so that the free length 
was in a 6-foot-diameter coil. The zone where 
strain gages were present was not coiled and 
was kept straight at all times in order to avoid 
causing strain gage displacements beyond the 
range of the instruments. Operation of the 
strain gages was checked when the tendon ar
rived at the site and before installation. 

At each tiedown location, a nominal 9-inch 
diameter casing was advanced to below the fill 
layer. Then a 6.75-inch diameter, tricone roller 
rock-cutting bit was used to drill to the top of 
the bond zone. A 5-inch inside diameter casing 
was lowered into the open hole after drilling 
was completed. In cases where the 5-inch· cas
ing could not be inserted to the proper depth, 
the drill rig was used to spin the casing in place. 
Once the 5-inch casing was in place, the 9-inch 
casing was removed. All tiedown holes were 
drilled to the tops of the bond zones, and 5-inch 
casings were placed prior to the arrival of the 
tendons at a 'site. When the tendon arrived at 
the site, a 4.5-inch, tricone roller rock-cutting bit 
was used to drill the bond zone. The bond zone 
was overdrilled by 1 to 2 feet to allow for the 
settlement of suspended drill cuttings upon 
completion of drilling. Water was the only fluid 
used during the drilling of the bond zones. 
Fresh water was obtained from a hydrant at 
each site. Recirculated water was collected dur
ing drilling and pumped into a tank, sus
pended drill cuttings allowed to settle out and 
then the water was reused. 

After the bond zone of a hole was completed, 
the tendon was unloaded from the boom truck, 
unrolled and laid flat at the site. The boom truck 
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then picked up the tendon at a point approxi
mately 50 feet from the bottom of the tendon 
and set it over the hole. The tell-tale and the 
flush tube were attached during the installation 
process. During installation, the lowering of the 
tendon into the hole was temporarily stopped 
as sections of tell-tale were added. When the 
tendon was at the proper depth, the drill rig 
supported it until grouting was completed. 

Primary grouting of all tiedown elements 
was performed using low-pressure tremie 
grouting methods. Portland Type I/Type II ce
ment was used at a ratio of 5 gallons of fresh 
water to 1 bag (1 cubic foot) of cement for a 
water-cement ratio (by weight) of approxi-' 
mately 0.44. After the tendon was placed and 
the strain gages were found to be operating 
satisfactorily, the grout was mixed and placed. 
The amount of water and number of bags of 
cement used for each batch of grout mixed were 
recorded. After the grout was mixed, it was 
pumped into the hole via the grout tube at
tached to the tendon. A pressure gage was 
mounted between the grout tube and the hose 
from the pump and was monitored during 
pumping. Grout was pumped into the tube 
until grout of the same consistency being 
pumped in began exiting the top of the casing. 
Compression tests (ASTM Standard C942-86) 
were performed on the grout cubes. Following 
the completion of low-pressure grouting, any 
grout in the free length portion of the tiedown 
was removed by pumping fresh water through 
the flush tubes until clear water was observed 
exiting the top of the casing. After flushing was 
completed, the 5-inch diameter casing was 
pulled up 1 foot, and the hole was flushed again 
until clear water flowed from the top of the 
casing. The strain gages mounted on the tie
downwere checked before and after grouting. 

For the post-grouting of selected tiedowns 
(AC61-1 and AC62-2), up to four bags (4 cubic 
feet) of cement were mixed with water in a ratio 
of one bag of cement to 5 gallons of water. The 
grout mix was subsequently injected via the 
pre-installed tube-a-manchette into the bond 
zone until no further grout take occurred or 
until the rate of grout take indicated that leak
age into the open casing was occurring. Post
grouting was done at least 24 hours - but not 
more than 72 hours - after installation of the 



primary grout. At AC61-1, grout pressures up 
to 200 psi were recorded during post grouting, 
with a grout take of 4 cubic feet 1 day after the 
primary grouting. At AC62-2, post-grouting 
was performed on two consecutive days. The 
first day had a grout take of 2.5 cubic feet with 
grout pressures up to 400 psi, and the second 
day registered grout pressures as much as 620 
psi with 2.5 cubic feet of grout injected. After 
post-grouting, the free length of the tiedown 
was thoroughly flushed with water to remove 
any fresh grout inside the casing above the 
anchor zone. 

Test Setup & Instrumentation 
Center-hole, double-acting hydraulic rams 
controlled by an electrically operated pump 
were used to apply the test load. Two 200-ton 
rams, each with a maximum travel of 12 inches, 
were used during the tests. For tests on the 
tiedowns anchored in the deeper rock (AC61-6 
and AC62-7), the two rams were mounted in 
series - one on top of the other - to provide 
sufficient travel to accommodate the potential 
movement of the relatively long tiedown during 
load testing to failure. For the remainder of the 
tiedowns, one jack was sufficient for each an
chor test. With two jacks available, there were 
also cases when two tiedown tests were per
formed simultaneously. Reaction for a tiedown 
test was provided by reaction beams supported 
by two wood reaction pads. The reaction beams 
consisted of double HP14x102 steel beams. The 
timber reaction pads were approximately 1 foot 
thick, 4 feet wide and 11 feet long each. 

The instrumentation was installed to permit 
monitoring of the loads, displacements, pres
sures and strains associated with the various 
elements of the tiedown test program. The in
strumentation included load cells, pressure 
transducers, dial gages, strain gages and optical 
survey equipment. The pressure in the hydrau
lic line to the loading ram was measured using 
a vibrating wire pressure transducer and was 
used to calculate the load in the ram. The load 
on the tiedown during testing was also moni
tored using an electrical resistance load cell. For 
the long-term setup, a vibrating wire load cell 
was used to monitor the force on the tiedown 
after it was locked off at the reference design 
load (RDL). 

Dial gages were set to measure the move- · 
ments of the tiedown relative to a fixed refer
ence beam (which was supported independent 
of the reaction system during testing). Three 
dial gages were positioned roughly 120 degrees 
apart on top of the stressing head, about 5 
inches radially from the axis of the tiedown, to 
monitor the vertical displacement. The main 
dial gage was a combination dial gage and 
digital counter with an 18-inch travel and 0.001-
inch graduations. The remaining two gages 
were standard dial gages, each with a 2-inch 
travel and 0.001-inch graduations. Occasion
ally, the two dial gages with the lesser travel 
were reset when the full travel range was ex
hausted. A dial gage with a 2-inch travel and 
0.001-inch graduations was also used to moni
tor the movement of the tell-tale rod that was 
attached to the top of the bond zone during the 
test. An optical surveying system was utilized 
both as a secondary check for the movement of 
the stressing head and to detect movement of 
the reference beams and bearing pads relative 
to a fixed temporary bench mark. 

The vibrating wire strain gages were at
tached to the tiedown strands to provide infor
mation on the load in the strand at various . 
locations along the length of the bond zone and 
in the free length. Calibration of the strain gages 
was performed by the manufacturer, and the 
operation of all the gages was tested on deliv
ery, during tendon fabrication as well as before, 
during and after tiedown installation. The 
strain gages and all other vibrating wire instru
ments (pressure transducer and load cell) were 
monitored using a readout box and data acqui
sition system. 

Before the fabricated strands were rolled and 
bundled for shipping, readings were taken and 
recorded for each strain gage. When the ten
dons arrived at the site, the readings were taken 
again before unbundling the tendon. After the 
tendons were unloaded and unrolled, another 
set of readings was taken. Readings were taken 
once the tendon was placed in the hole and 
again shortly after grouting and flushing were 
completed. During installation of the tiedowns 
at Test Site No. 2, a combination of extremely 
cold weather, slippage associated with the use 
of non-hardened set-screws to attach the strain 
gages to the tendons and other factors associ-
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ated with the placement of the instrumented 
tiedown in the pre-drilled hole caused gage de
formations greater than the strain gages' range 
and resulted in about 30 percent of the strain 
gages failing. Later, during the installation of 
tiedowns at Test Site No. 1, hardened set-screws 
coated with Loktite were used, the weather was 
warmer and minor changes in instrumentation 
placement and installation procedures were 
made that improved the survival rate of the 
strain gages to greater than 90 percent. 

Testing Procedures 
Four types of load tests were performed. First, 
a loading test to failure (referred to as a Type A 
test) was performed on one tiedown anchored 
in each stratum at each site. Based on the results 
of the Type A testing, an RDL was determined 
for each tiedown using procedures described 
by Cheney.33 The RDL was used to select the 
loading level for the three-day constant-load 
test (Type B test) on the other tiedown(s) in each 

· stratum. In additioni the relaxation behavior of 
tiedowns with anchor zones in the completely 
to severely weathered rock (AC61-4), in the 
severely weathered rock (AC61-7), in the 
glaciomarine (AC62-3) and in the slightly 
weathered rock (AC62-6) were monitored long 
term. The long-term relaxation monitoring con
tinued for approximately two years after the 
lock.:.off of the last tiedown. The Type B test 
anchors not used for long-term relaxation tests 
were subjected to quick-load tests to failure 
following completion of the Type B tests. 

The Type A test was designed to provide 
data on the overall load capacity of the tiedown. 
The Type B test was performed to provide data 
on the creep and relaxation behavior of the 
tiedown at the RDL. The RDL was generally 
determined based on results of the Type A test, 
but was modified in some cases, depending on 
the performance of the tiedown observed dur"' 
ing the Type B test. During a Type A test, the 
load was applied in increments of 10 percent of 
GUTS for all seven strands ( or approximately 
40 kips per increment). Each increment was 
held for 1 hour, with readings at intervals of 1, 
2, 5, 10, 20, 30 and 60 minutes after the load was 
applied. This sequencewas followed until the 
tiedown could no longer carry the load without 
significant displacement or until the total load 
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had reached 80 percent of GUTS (approxi
mately 328 kips for all seven strands). After 
reaching failure or the maximum load, the load 
was reduced in four equal steps to zero. Each 
step was held for about 15 minutes, during 
which time readings were taken at intervals of 
1, 2, 5, 10 and 15 minutes. 

The RDL was the maximum load attained 
during the Type A test divided by a factor of 
safety of 1.5 or 90 percent of the critical creep 
tension, whichever was less. The critical creep 
tension was estimated from the Type A test 
results using the method described by 
Cheney.33 This method, also known as the 
French method,2 uses a plot of the anchor head 
displacement (in inches) versus time (in min
utes, logarithmic scale). The creep rate, or the 
slope of the displacement versus log time 
curve, for each load increment is determined, 
and then the arc-tangent of the creep rate in 
degrees ~ denoted as the creep index (a) - is 
plotted versus load. The load corresponding to 
break in the creep index-load curve is denoted 
as the critical creep tension. 

In a Type B test, a tiedown was loaded to 125 
percent of the RDL (in increments of 25 percent 
of the RDL), with each load .increment being 
held for 1 hour. Readings were taken at the 
same time intervals as during a Type A test. The 
load was then decreased'to the RDL, and read
ings were taken at 1, 2, 5, 10, 20, 30 and 60 
minutes. The RDL was maintained for 72 hours, 
with readings recorded every hour. At the end 
of the 72-hour hold, the load on selected tie
downs (two at each site) was locked off for 
long-term monitoring. The tiedowns not used 
for the long-term tests were unloaded to zero 
load in four equal steps with 1-, 2-, 5"', 10- and 
15-minute readings at each step. 

A quick-load retest was performed after the 
Type B test on the four tiedowns not used for 
long-term testing (AC61-1, AC61-3, AC62-2 
and AC62-4) to provide additional data on tie
down capacity. During a quick-load retest, the · 
tiedown was loaded to failure or to 80 percent of 
GUTS (whichever was less) in increments of 10 
percent of GUTS. Each increment was held for 5 
minutes, with 1-, 2- and 5-minute readings taken 
at each load. After maximum load was reached, 
the tiedown was uri.loaded in four equal decre
ments, again holding each load for 5 minutes. 



TABLE 2. 
Summary of Tiedown Tests at Test Site No. 1 

AC61-1 
Tiedown (Post-
Number AC61-2 ACl61-3 Grouted) AC61-5 AC61-4 AC61-6 

Soil/Rock Type . Till Till Till Severely to Severely to Severely 
Completely Completely Weathered 
Weathered Weathered Argillite 
Argillite Argillite 

Test Type A B B A Btt A 
Length of Bond Zone 15 15 15ttt 15 15 10 
(feet) 

Initial Free Length (feet)* 53 53 53 85.5 85.5 115 

Maximum Load 292 198 325 160 110 212 
Attained (kips) 

Critical Creep Tension 207 NA NA 120 NA 160 
(kips)** 

Failure. Load (kips)*** 200· 150 250 120 NA 160 

Displacement at 3.4 2.5 3.5 3.4 3.8 5.6 
Failure Load (inches)§ 

RDL (kips) 200 125 200 90 90 120 

Average Load Transfer 13.3 10.0 16.7 8.0 NA 16.0 
Based on Failure Load 
(kips/ft)§§ 

Average Side Shear 11.3 8.5 14.1 6.8 NA 13.6 
Based on Failure load (78.6 psi) (59.0 psi) (98.2 psi) (47.2 psi) (94.3 psi) 
(ksf)§§§ 

Average Side Shear 11 .3 7.1 11.3 5.1 . 5.1 10.2 
Based on RDL (ksf)t (78.6 psi) (49.1 psi) (78.6 psi) (35.4 psi) (35.4 psi) (70.7 psi) 

Notes: • The initial free length is the distance from the top of the anchor head to the top of the bond zone at the beginning of the test. 
'* The critjcal creep tension was determined using the method described by Cheney (Ref. 33). 
'** The failure load was computed using the slope-tangent method, which is similar to Davisson's method for piles (Ref. 34). 
§ Movement of the anchor head due to seating has been subtracted to obtain the displacement values shown. 
§§ Calculated using nominal bond zone length and failure load. 
§§§ Calculated using nominal side area and failure load. 
t Calculated using nominal side area and the RDL. 
tt This tiedown was used for the long-term creep test. 
ttt Post-grouting was performed on tiedown AC61-l. 

AC61-7 

Severely 
Weathered 
Argillite 

Btt 

10 

113 

150 

NA 

NA 
NA 

120 

NA 

NA 

10.2 
(70.7 psi) 

For selected tiedown elements (AC61-4, 
AC61-7, AC62-3 and AC62-6), the tops of the 
tiedowns were prepared prior to the Type B test 
so that the RDL could be locked off for the 
long-term relaxation test. A vibrating wire load 
cell was mounted between steel bearing plates 
at the top of the tiedown to measure the anchor 
load, and a dial gage was attached at the top of · 
the tell-tale rod so that movement of the top of 
the bond zone could be monitored. In addition, 
a steel engineer's scale was mounted on a bench 
mark at each site, and a slot for inserting a 

leveling rod on the concrete bearing pad was 
made for subsequent monitoring of bearing 
pad movement·using optical survey methods. 

Load-Displacement Results 
The results from the load-displacement tests 
are summarized in Tables . 2 and 3. Example 
plots of the results are shown in Figures 12 and 
13. The failure load for each tiedown was esti
mated using the slope-tangent method,35 

which is similar to Davisson' s method for de
termining the capacity of piles.34 In the slope-
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TABLE 3. 
Summary of Tiedown Tests at Test Site No. 2 

AC62-2 
Tiedown (Post-
Number AC62-1 Grouted) AC62-3 AC62-5 . AC62-4 AC62-7 

Soil/Rock Type Glacio- Glacio- Glacio- Slightly to Slightly to Slightly 
Severely Severely Weathered 

marine marine marine Weathered Weathered Argillite 
Argillite Argillite 

Test Type A B Btt A B A 
Length of Bond Zone 15 15ttt 15 6 6 6 
(feet) 

Initial Free Length (feet)* 63.5 63.5 63.5 87 87 111 

Maximum Load 225 300 135 120 210 270 
Attained (kips) 

Critical Creep Tension 120 NA NA 90 NA 210 
(kips)** 

Failure Load (kips)*** 175 200 NA 120 180 225 

Displacement at 3.20 3.25 NA 3.05 4.25 6.45 
Failure Load (inches)§ 

RDL (kips) 108 108 108 80 80 168 

Average Load Transfer 11.7 13.3 NA 20.0 30.0 37.5 
Based on Failure Load 
(kips/ft)§§ 

Average Side Shear 9.9 11.3 NA 17.0 25.5 31.8 
Based on Failure Load (68.6 psi) (78.6 psi) (118 psi) (177 psi) (221 psi) 
(ksf)§§§ 

Average Side Shear 6.1 6.1 6.1 11.3 11.3 23.8 
Based on RDL (ksf)t (42.2 psi) (42.2 psi) (42.2 psi) (78.5 psi) (78.5 psi) (165 psi) 

Notes:* The initial free length is the distance from the top of the anchor head to the top of the bond zone at the beginning of the test. 
•• The critical creep tension was determined using the method described by Cheney (Ref. 33). · 
"* The failure load was computed using the slope-tangent method, which is similar to Davisson's method for piles (Ref. 34). 
§ Movement of the anchor head due to seating has been subtracted to obtain the displacement values shown. 
§§ Calculated using nominal bond zone length and failure load. 
§§§ Calculated using nominal side area and failure load. 
t Calculated using nominal side area and the RDL. 
tt This tiedown was used for the long-term creep test. 
ttt Post-grouting was performed on tiedown AC62-2. 

AC62-6 

Slightly 
Weathered 
Argillite 

Btt 

6 

109 

210 

NA 

NA 
NA 

168 

NA 

NA 

23.8 
(165 psi) 

tangent method, a tangent to the initial portion 
of the load versus displacement curve is drawn. 
A line parallel to this tangent is then drawn at 
a horizontal distance of 0.15 inch to the right of 
the initial tangent line. The intersection of this 
second line and the load versus displacement 
curve is considered the failure load. (The x-in
tercept of the initial tangent line provides a 
reasonable estimate of the movement of the 
anchor head due to seating.) The displacement 
values listed in Tables 2 and 3 correspond to the 
net displacements of the tiedown anchor head 

at the failure load - i.e., the abscissa of the 
intersection of the second line and the load 
versus displacement curve minus the esti
mated displacement due to seating. 
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Test Site No. 1. Based on the Type A test on 
AC61-2, an RDL of 200 kips was determined for 
tiedowns in the glacial till. However, based on 
the tiedown response observed during the Type 
B test on A C61-3 ( also anchored in till), the RD L 
was revised lower twice. First, when imminent 
failure of AC61-3 was observed at a load of 
approximately 200 kips, the RDL was reduced 
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FIGURE 12. Load versus displacement for tiedown AC62-1 (Type A test). 
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FIGURE 13. Creep and critical tension for tiedown AC62-1. 

to 160 kips. Later, when significant creep was 
observed during the load hold at 160 kips, the 
RDL was further reduced to 125 kips for the 
72-hour test hold portion of the test. The quick
load test on the AC61-3 tiedown indicated a 
failure load of approximately 150 kips. During 
the Type B test, the post-grouted tiedown in till 
(AC61-1) was first tested to aload of 250 kips 
(125 percent of the RDL determined from AC61-
2) and then a load of 200 kips (100 percent of the 
RDL) was maintained during the 72-hour hold 
portion of the test. Later during the quick-load 
test on the post-grouted tiedown in till, a maxi
mum load of 325 kips (about 80 percent of 
GUTS) was reached and a failure of 250 kips was 
determined based on the slope-tangent method. 

During the Type A test on AC61-5 with its 
anchor zone in the severely to completely 
weathered argillite, the tiedown failure load 
measured was approximately 120 kips, which 
is 60 to 80 percent of the capacity measured for 
the tiedowns with anchor zones in the glacial 
till. Tiedown AC61-4, also with its anchor zone 
in the severely to completely weathered argil
lite, behaved satisfactorily during the Type B 
test, with no signs of significant creep during 
the 72-hour hold at the RDL of 90 kips (from 
AC61-5). The tiedown load for long-term moni-

68. CIVIL ENGINEERING PRACTICE SPRING/SUMMER 1996 

toring in the severely to completely weathered 
argillite was initially locked off at 75 kips, due 
to slippage in the strand gripping system. It 
was later re-tensioned and locked off at about 
90 kips and monitored long-term. The load in 
AC61-4 appears to be staying relatively con
stant, with less than 2 percent drop off in load 
over two years. 

Tiedown AC61-6, anchored in the severely 
weathered argillite rock, was subjected to a 
Type A test and yielded a failure load and criti
cal creep tension of 160 kips for a 10-foot-long 
bond zone. The average unit side shear stress at 
failure in this case (14 ksf or 94 psi) is about 1.2 
to 1.6 times the average unit side shear stress at 
failure determined for the tiedowns in the gla
cial till. During the 72-hour hold portion of the 
Type B test on AC61-7, the load was maintained 
at the RDL of 120 kips, and there was little 
change in deformations or strains. After locking 
off the wedges on the anchor head for the long
term test, the load cell readoutregistered about 
140 kips. Tiedown AC61-7 maintained the load 
during the long-term test with less than 2 per
cent drop off in load over two years. 

Test Site No. 2. During the Type A test on 
tiedown AC62-1, anchored in the glaciomarine 
deposit, the maximum load recorded was 225 



kips. The failure load for the tiedown, deter
mined using the slope-tangent method, was 
175 kips, which corresponds to an average side 
shear stress at failure of about 10 ks£ (70 psi). 
The RDL selected for the remaining tests in the 
glaciomarine deposit was 108 kips (based on a 
critical creep tension of 120 kips). During the 
Type B tests, the remaining two tiedowns in the 
glaciomarine (AC62-2. and AC62-3) were 
loaded to 125 percent of the RDL and then held 
at 100 percent of the RDL for 72 hours with 
minimal creep observed. A quick-load test on 
the post-grouted tiedown (AC62-2) resulted in 
a failure load of approximately 200 kips, which 
is about14 percent greater than the failure load 
reached in non-post-grouted tiedown AC62-l 
in the glaciomarine deposit. The data from 
AC62-3 for the 72-hour hold atthe RDLindicate 
no significant creep. The anchor load for AC62-
3 for long-term monitoring in the glaciomarine 

· was locked off at 92 kips. Tiedown AC62-3 was 
to be re-tensioned to increase the lock-off load 
to the RDL of 108 kips, but the strands protrud
ing at the surface were inadvertently cut off 
during preparations for the remaining tiedown 
tests and re-tensioning could not be performed. 
The data indicate a 4 to 5 percent reduction in 
the anchor load in AC62-3 over two years. 

The Type A test on AC62-5, which was an
chored in the slightly to severely weathered 
argillite near the soil-rock interface, resulted in 
a failure load of 120 kips and a critical creep 
tension of 90 kips. The average unit side shear 
stress at failure in the slightly to severely weath
ered argillite was approximately 17 ksf (118 
psi), which is about 50 to 70 percent higher than 
the average unit side shear stress at faHure that 
was determined for the tiedowns anchored in 
the glaciomarine deposit. In the subsequent 
Type B test on AC62-4, a tensile force of 80 kips 
(RDL) was applied and held for 72 hours with 
no significant creep recorded. Upon comple
tion of the Type B test, a quick-load retest was 
performed on AC62-4 in which a failure load of 
180 kips (1.5 times the failure load as deter
mined in the Type A test) was reached. The 
difference in the failure load between AC62-5 
and AC62-4 was likely due to the variability of 
rock, especially the weathering and fracturing. 

The capacity of tiedown AC62-7 in the 
slightly weathered argillite was 20 to 75 percent 

greater than in the slightly to severely weath
ered argillite, with a failure load (from the 
slope-tangent method) of around 225 kips and 
a critical creep tension of 210 kips. At the failure 
load, the average side shear stress was about 32 
ksf (221psi) for the 6-foot bond zone of AC62-7. 
Tiedown AC62-6, also in the slightly weathered 
argillite, behaved satisfactorily and did not ex
hibit any sign of significant creep during load
ing to 125 percent of the RDL for 1 hour and 
during the 72-hour hold at the RDL (168 kips). 
In preparation for the long-term test, the ten
sion in the tiedown was increased to about 185 
kips, with the expectation of around a 10 per
cent loss during the locking-off process based. 
on the experience from the previous long-term 
tests. After locking off the wedges on the anchor 
head, the read-out registered about 177 kips on 
the vibratingwire load cell. The data indicate a 
9+ percent reduction in the anchor load (which 
appears to correspond with settlement of the 
reaction block supporting the stressing head 
and load cell and not creep or relaxation asso
ciated .with theanchor zone). 

Load Transfer Results 
The rate at which the applied load is transferred 
- or simply "load transfer" - from the tie
down anchor to the surrounding soil or rock (in 
kips per foot length of anchorage) was evalu
ated using the strain gage measurements dur
ing each test. If the axial strain, e, on the tendon 
at a particular gage location is known, then the 
corresponding tensile force, T5, in the steel 
strands can be calculated based on the cross
sectional area, A, and the elastic modulus of the 
strands, E: 

Ts =AEE 

The average load transfer to the ground be
tween two adjacent gage locations was calcu
lated by taking the difference between the ten
sile forces on the strands on those two locations 
and dividing the difference by the distance be
tween the two gages. The inherent assumption 
is that the tiedown grout cannot resist tension, 
and the portion of the load not carried by the 
steel strands is transferred to the surrounding 
soil or rock through shear at the grout-ground 
interface: 

CIVIL ENGINEERING PRACTICE SPRING/SUMMER 1996 69 



15.0 
0 50 100 150 200 250 300 

Tensile Force on Steel (kips) 

O•·•••O 25 
. 13-•-{] so 
. 'f•--'V 75 

.... _. 100 

•··· ·• 125 l>--t. 150 
·/·· ·--+ 175 

' ....... 200 
111-•-tl 225 
Ill---- 250 

' o----c- 275 
. El··· ~ 300 

50 60 

Load Transfer (kips/ft) 

Note: Bond zone is 15 feet long in glacial till. 

FIGURE 14. Load transfer for tiedown AC61-2 (Type A test in glacial till). 

Where: 

TTi = The average load transfer along seg
ment i with length Li, with i increasing 
from the top to the bottom of the bond 
zone 

Tsi = The tensile force in the steel strands at 
the top of the segment of steel strand 

Tsi+l = The tensile force in the steel strands at 
the bottom of the segment of steel strand 

In these analyses it has been assumed that the 
tensile force on the steel strands at the bottom 
end of the bond zone is zero. 

Test Site No. 1. The progressive transfer of 
load during the Type A test on tiedown AC61-2, 
which is in glacial till, is illustrated in Figure 14. 
Although the maximum load attained was 300 
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kips, the strain gage data showed signs of im
minent failure at around 275 kips. When the 
applied load was 275 kips, the strain gage at 
the middle of the bond zone indicated a ten
sile force on the steel strands of 205 kips (or 
75 percent of the applied load), compared .to 
25 percent of the applied load at 25 kips and 
to 49 percent of the applied load at 125 kips. The 
plot of load transfer versus distance from the 
top of the bond zone (see the right side of Figure 
14) also showed the progressive mobilization of 
shear along the grout-soil interface with in
creasing load. The load transfer along the bond 
zone length, which was initially greater near 
the top and tapering down below, appeared to 
resemble a uniform distribution in the upper 
part of the bond zone as the applied load be
came greater. At 275 kips the load transfer near 
the bottom of the bond zone approached 13 
kips/foot (or about 77 psi in equivalent side 
shear stress). When the load was at least 275 



kips, the computed load transfer reached as 
high as 44 kips/ foot (259 psi equivalent shear) 
in the middle of the bond zone, and the erratic 
strain gage data could be attributed to the onset 
of failure along the grout-ground interface of 
the tiedown. 

The strain gage data from the Type B test on 
AC61-1 (the post-grouted tiedown in glacial 
till) also reflect a decrease in the transfer of load 
along the length of the bond zone. However, at 
250 kips (or 125 percent of the RDL), the tensile 
force on the steel in the middle of the bond zone 
was 66 kips (or 26 percent of the applied load), 
which is considerably less than the 205 kips ( or 
75 percent of the applied load) in the Type A test 
on AC61-2 that was not post-grouted. The cal
culated load transfer values near the bottom of 
the bond zone were also much less in the post
grouted tiedown and appeared greater at the 
top of the bond zone. During the quick-load test 
on AC61-1 (following the Type B test), the tie
down anchorage load-deformation behavior 
did not indicate a failure condition at a load of 
325 kips, but the strain gage data manifested 
symptoms of imminent grout to ground bond 
failure. At 300 kips, the load transfer near the 
second strain gage from the top reached about 
45 kips/foot (265 psi side shear) then dropped 
to 29 kips/foot (171 psi side shear) when the 
load was increased to 325 kips, with evident 
redistribution of load within the bond zone 
downward. 

In AC61-3, which was also in the till, the 
strain gage data during Type B test was similar 
to the data from AC61-2 and reflected a similar 
load transfer distribution along the bond zone 
length. As the load was increased in steps, the 
tensile force on the steel in the bottom portion 
of the bond zone was much less than the ap
plied load, but the load transfer distribution 
was approximately a uniform distribution even 
at small loads. This behavior suggests that the 
shear resis_tance along the soil-grout interface 
was mobilized over the entire bond zone length 
at a relatively small load. The load transfer 
mobilized was on the order of 10 kips/ foot, 
which is equivalent to a side shear stress of 
about 60 psi. 

The load transfer data from the Type A test 
on AC61-5, which was anchored in the severely 
to completely weathered argillite, are shown in 

Figure 15. (The strain gage in the middle of the 
bond zone ceased to operate shortly after the 
installation of this tiedown.) At a load of 160 
kips, the force on the steel at the bottom of the 
bond zone was about 16 kips (or 10 percent of 
the applied load), but the load transfer at the 
bottom was around 16 kips/foot (equivalent to 
94 psi side shear) and the tell-tale dial gage 
indicated a 2-inch upward movement of the top 
of the bond zone. The load transfer distribution 
indicated that the bottom half of the bond zone 
carried most of the load as the force on the steel 
at the top half of the bond zone approached 
about 90 percent of the applied load, implying 
that the upper portion of the rock was softer 
and weaker than the rock in the middle and 
bottom portions of the tiedown bond zone. 
These results are consistent with the pattern of 
argillite weathering that was inferred from the 
rock core samples retrieved from nearby bor
ings in which the argillite shallower than about 
90 feet is described as completely weathered 
and the deeper argillite is described as severely 
weathered. 

The load transfer in the subsequent Type B 
test on AC61-4 in tli.e severely to completely 
weathered argillite exhibited a relatively high 
load transfer (25 kips/ foot) near the top of the 
bond zone, possibly due to a thin, more compe
tent rock layer in the upper part of the bond 
zone. However, the distribution of load along 
the bond zone length gave no sign of imminent 
failure of the tiedown. Data from the long-term 
monitoring phase for AC61-4 indicate no sig
nificant change in the load transfer trend. 

The variation of the tensile force in the steel 
along the bond zone for the tiedowns anchored 
in the severely weathered argillite (AC61-6 and 
AC61-7) is evident from the strain gage data. 
During the Type A test on AC61-6, a maximum 
load of 220 kips was applied, with 64 percent 
carried by the steel strands at the middle of the 
10-foot bond zone and about 15 percent near 
the bottom. The load transferred to the adjacent 
rock through shear averaged about 16 kips/ 
foot (94 psi equivalent side shear) but reached 
a maximum of nearly 40 kips/foot (236 psi 
equivalent side shear) about 7.5 feet below the 
top of the bond zone. In the corresponding Type 
B test on AC61-7, the calculated load transfer 
did not exceed 20 kips/foot (118 psi equivalent 
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FIGURE 15. Load transfer for tiedown AC61-5 (Type A test in severely weathered to com
pletely weathered argillite). 

side shear) at a load of 150 kips (125 percent 
RDL). Near the bottom of the bond zone, the 
load transfer was roughly 10 kips/ foot (59 psi 
equivalent side shear) at a load 150 kips. At 150 
kips, the force on the steel was about 43 percent 
of the applied load at the middle of the bond 
zone and was about 8 percent of the applied 
load near the bottom of the bond zone. Both the 
force in the steel and the load transfer tended to 
decrease with depth along the bond zone. The 
deformation and strain readings have re
mained stable through the long-term monitor
ing portion of the test. 

Test Site No. 2. The progressive transfer of 
load during the Type A test on AC62-1, which 
was anchored in the glaciomarine deposit, was 
observed even though two of the five strain 
gages in the bond zone ceased to operate after 
tiedown installation. When the applied load 
was 225 kips, the strain gage 10 feet down from 
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the top of the bond zone indicated a tensile 
force on the steel strands of 96 kips (or 43 per
cent of the applied load) compared to 3 percent 
of the applied load at 25 kips and to 16 percent 
of the applied load at 125 kips (see Figure 16). 
The progressive mobilization of shear resis
tance along the grout-soil interface with in
creasing load is evident in Figure 16. The load 
transfer along the bond zone length, which was 
initially greater near the top and tapered down 
toward the bottom of the bond zone, appeared 
to resemble a uniform distribution as the ap
plied load increased. At 175 kips, the load trans
fer along the bond zone approached a nearly 
uniform 12 kips/ foot, or about 71 psi equiva
lent side shear stress. When the force applied to 
the tiedown was increased to 225 kips, the com
puted load transfer was approximately 23 
kips/foot (136 psi equivalent side shear) about 
12 feet below the top of the bond zone. The load 
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FIGURE 16. Transfer for tiedown AC62-1 (Type A test in glaciomarine soils). 

transfer in the top half of the bond zone did not 
exceed 12 kips/foot, and when the anchor load 
transfer near the bottom of the bond zone ap
proached 12 kips/ foot at an applied load of 225 
kips, the anchor deformation exceeded the 
slope-tangent method failure criterion. 

The strain gage data from the 'Type B test on 
AC62-2 (the post-grouted tiedown anchored in 
the glaciomarine deposit) also indicated transfer 
of load down the length of the bond zone similar 
to that observed in AC62-1. At 135 kips (125 
percent of the RDL), the tensile force on the steel 
about 4 feet below the top of the bond zone was 
36 kips (or 27 percent of the applied load). This 
force is considerably less than the load in the steel 
at 125 kips applied load during the Type A test on 
AC62-1, which was not post-grouted. The load 
transfer was greater at the top of the bond zone 
inAC62-2, withvaluesamountingto25kips/foot 
(147 psi equivalent side shear), surpassing the 
apparent threshold of 12 kips/ foot in the Type 

A test on AC62-1. During the quick-load retest 
after the Type B test, a maximum load of 300 
kips was ~pplied. At 300 kips, the force on the 
steel near the bottom of the bond zone reached 
97 kips ( or 32 percent of the applied load). With 
increasing tiedown load near failure, a redistri
bution of the load transfer within the bond zone 
occurs wherein the shear stress at the top ap
pears to approach a limiting value then drops 
off with further loading. As a consequence, the 
lower portion of the bond zone must produce 
resistance to the applied load until the tiedown 
fails. The load transfer near the top of the bond 
zone dropped off when the applied load was 
about 160 kips, and the load transfer for most 
of the bottom portion was an almost uniform 
40 kips/foot (157 psi equivalent side shear). At 
the maximum load of 300 kips, the maximum 
calculated load transfer was 83 kips/ foot (1,500 
psi) over a short tributary length of about 0.6 
foot. 
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FIGURE 17. Load transfer for tiedown AC61-5 (Type A test in slightly weathered to severely 
weathered argillite). · 

The transfer of load along the bond zone 
length during the Type A test on AC62-:S, an
chored in the slightly to severely weathered 
argillite is shown in Figure 17. At a load of 120 
kips, the force on the steel at the bottom of the 
bond zone was only about 7 kips, or 6 percent 
of the applied load and a maximum load trans
fer of about 30 kips/foot (177 psi equivalent 
side shear) occurred in the upper 2 feet of the 
bond zone. 

The load transfer during the subsequent 
Type B test on AC62-4, also located in the 
slightly to severely weathered argillite, show 
most of the load was resisted over the upper 
half of the bond zone as the tied own was loaded 
to 100 kips (125 percent of the RDL) for 1 hour 
and during the 72-hour load hold at the RDL of 
80 kips. At the 100-kip load, the steel strands 
near the top of the bond zone carried 68 percent 
of the applied load, and the force on the steel 
near the bottom was only 2.6 percent of the 
applied load. The load tr.ansfer near the top of 
the bond zone was about 46 kips/ foot (271 psi 
equivalent side shear), while the load transfer 
near the bottom of the bond zone was only 2 
kips/ foot (12 psi equivalent side shear) for the 
100-kip applied load. 

During the quick-load retest on tiedown 
AC62-4, the load was redistributed over more 
of the bond zone as the anchor was loaded to 
the maximum load of 210 kips. At the maxi-
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mum load of 210 kips, 166 kips ( or 79 percent 
of the applied load) were carried by the steel 
strands near the top of the bond zone, and 42 
kips (20 percent of the load) were transferred to 
the steel near the bottom. A maximum load 
transfer of 57kips/foot (336 psi equivalent side 
shear) was calculated near the middle of the 
bond zone. 

At the maximum load of 270 kips during the 
Type A test on AC62-7, which was anchored in 
the slightly weathered argillite, the steel 
strands in the upper half of the 6-foot bond zone 
carried the entire load with little or no load 
transfer. During the first few load increments, 
the load transfer appeared to increase more 
rapidly in the upper portion of the bond zone. 
The load transfer reached a maximum of about 
111 kips/foot (654 psi equivalent side shear) at 
1.5 feet below the top of the bond zone when 
the applied load was 180 kips. As the tiedown 
loading continued, the load transfer appeared 
to shift downward until there was essentially 
zero load transfer in the upper 1.5 feet of the 
bond zone and up to 66 kips/foot (389 psi 
equivalent side shear) at 4 feet below the top of 
. the bond zone at a load of 270 kips. 

In the corresponding Type B test on AC62-6, 
the calculated load transfer reached a maxi
mum of 46 kips/foot (271 psi eqivalent side 
shear) at 3.5 feet below the top of the bond zone 
and 34 kips/ foot (200 psi equivalent side shear) 
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FIGURE 18. Comparison of observed and predicted side shear resistance. 

at the bottom of the bond zone during the ap
plication of 210 kips (125 percent of the RDL) 
for 60 minutes. At an applied load of 210 kips, 
the force in the steel was about 87 percent (183 
kips) of the applied load near the top of the 
bond zone and was about 16 percent (39 kips) 
of the applied load of the bond zone near the 
bottom. At an applied load of 168 kips, the 
tension in the steel strands was approximately 
143 kips (or 85 percent of the applied load) near 
the top of the bond zone and about 14 kips (or 
8.6 percent of the applied load) near the bottom. 
At the 168-kip load, the calculated load transfer 
was greatest 3.5 feet below the top of the bond 
zone with a value of 39 kips/ foot (230 psi 
equivalent side shear), while the load transfer 

near the bottom of the bond zone amounted to 
only 12 kips/ foot. During the 72-hour monitor
ing at 168 kips (the RDL) and the long-term 
hold at177 kips, the load transfer appeared to 
remain relatively stable. 

Comparison of Measured & 
Predicted Tiedown Capacity 
The capacities of the anchors measured in the 
field tests were compared to the capacities pre
dicted using the methods previously described. 
The predicted versus measured capacities are 
summarized in Figure 18. In general, the design 
methods used in the comparison tend to under
predict the capacity of the soil anchors. Some 
methods contained significant scatter, particu-
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larly those based on empirical values for a par
ticular ground type. The methods that ap
peared most successful in predicting the ca
pacities of the anchors in soil were the high end 
of the X.- and a-methods. The good correlation 
with the N-value method is considered to be 
coincidental because the materials in the an
chor zone were stiff day and silt whereas the 
method is based on analysis of piles in sand. 
The underprediction of the soil anchors may be 
related to the depths (which were greater than 
50 feet) to the tops of the anchor zones and the 
relatively short lengths of the anchor zones. The 
results for the rock anchorages indicate that the 
predictions tended to vary over a wide range 
and the measured values tended toward the 
lower end of the predicted range. 

Summary & Conclusions 
Fourteen instrumented tiedowns - seven at 
each of two sites - were installed and tested as 
part of the geotechnical investigation phase of 
the work in the Central Area of the CA/T Pro
ject in Boston, Massachusetts. Three of the tie
downs were anchored in glaciomarine soils and 
another three were anchored in glacial till. One 
of each trio of anchors in the two soil conditions 
was post-grouted. Four pairs of tiedowns were 
installed and tested in rock conditions ranging 
from completely weathered argillite to slightly 
weathered argillite: Anchor zone lengths 
ranged from 6 to 15 feet so thatside shear failure 
could be achieved during the tests, Four of the 
tiedowns were locked off at the RDL and long
term (two years) relaxation behaviors were 
monitored for anchorages in the gladomarine 
soil and completely weathered, severely weath
ered and slightly weathered argillite. 

. For the glaciomarine tiedowns, the average 
side shear stress at failure (based on the slope
tangent method) was about 10 ksf and an aver
age side shear stress of 6 ksf corresponded to 
· the RDL. The side shear stress at failure for the 
post-grouted tiedown in the glaciomarine soil 
was about 11 ksf. The average side shear stress 
at failure for the glacial till tiedowns ranged 
from about 8.5 to 11 ksf and the side shear 
stresses at the RDL ranged from about 7 to 11 
ksf. The post-grouted tiedown in glacial till 
achieved an average side shear stress of about 
14 ksf at the maximum test load that was lim-
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ited by the capacity of the tiedown tendons to 
325 kips. The average side shear stress at failure 
for tiedowns anchored in the rock ranged from 
about 7 to 32 ksf depending on the degree of 
weathering of the argillite. The average side 
shear stress corresponding the RDL ranged 
from about 5 to 24 ksf for rock tiedowns. 

Load transfer observed in the test anchors gen
erally conformed to expected patterns. At low 
loads, the load transfer at the top of the anchor 
zone was typically the greatest and decreased 
with depth along the anchor zone. At higher 
loads, load transfer increased lower down the 
bond zone, and at failure the generally short 
lengths of the anchors resulted in relatively uni
form load transfer along the bond zone. In the 
rock anchors, the presence of stiffer layers (in the 
form ofless weathered and perhaps less fractured 
rock) was evident in local, higher load transfer 
either near the top or the bottom of the bond zone 
while other parts of the bond zone had appar
ently reached a failure condition. In the post
grouted anchors, more of the load appears to 
have been transferred to the ground near the top 
of the bond zone. Post-grouting increased the 
capacity of the anchors by increasing the shear 
capacity of the soil so that higher load transfer can 
develop before slip occurs. 

The long-term behaviors of the anchors at 
the loads tested appeared to be satisfactory. 
After two years, relaxation was less than 2 per
cent of the applied load for the rock tiedowns 
and about 5 percent of the applied load for · 
glaciomarine tiedown and little change in load 
transfer was apparent. Loads for the long-term 
tests were determined based on the RDL 
method suggested by Cheney. 33 

In general, the tiedown capacity prediction 
methods examined tended to underpredict the 
capacities for the tiedowns with anchorages in 
the soil. The methods that appeared most suc
cessful in predicting the load capacity of the soil 
anchors were the upper ends of the X.- and a

methods. The predictions of the rock tiedown 
capacities tended to vary widely and the meas
ured capacities were near the lower end of the 
predicted ·range. 
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Case Study 

Design & Construction 
of Deep Stone Columns 
in Marine Clay at 
Spectacle Island 

Stone columns can be an 
effective ground modification 
technique. However, their 
implementation depends to 
a high degree on specific 
site characteristics. 

ERIC M. KLEIN & RICHARD F. TOBIN 

S
pectacle Island is located in Boston Har
bor, north of Long Island and southwest 

. of Deer Island. It originally consisted of 
two drumlins connected by a sandbar along the 
west side of the island. A plan of the island as it 
existed in 1857 is shown in Figure 1. From the 
seventeenth century until 1921, the island 
served a variety of uses, including farming and 
logging, and it was also the site of hotels, a 
quarantine hospital and a horse-rendering 
plant.In 1921, the city ofBoston began bringing 
municipal refuse and various other debris to 
the island for incineration and disposal. Al
though the incinerator ceased operation in 

1930, materials continued to be dumped on the 
island until 1960. The island has been unused 
since 1960. The outline of the island as it existed 
in 1989 is shown in Figure 1, where the extent 
to which the island was enlarged by offshore 
dumping of the refuse can be seen. The thick
ness of the refuse on the island varies up to 
about 100 feet near the center of the island. The 
thickness of the refuse is significantly less to the 
north and south. On the east side of the island, 
the refuse has been eroded by wave action, 
creating a bluff as much as 60 feet in height 
above the harbor. In addition, leachate from the 
refuse has flowed into the harbor. 

Construction of the Central Artery /Tunnel 
(CA/T) Project is expected to generate 14 mil
lion cubic yards of excavated soils, much of 
which cannot be reused in the tunnel construc
tion. According to current plans, approxi
mately 3.6 million cubic yards of this soil (re
ferred to as CA/T fill) will be placed at 
Spectacle Island. After this soil is placed over 
the existing refuse at the island, a landfill cap 
will be constructed over all of the fill areas to 
reduce infiltration and leachate generation. The 
island will then become a park with a public 
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FIGURE 1. Spectacle Island plan. 

marina for use as a public recreation facility. 
During the course of design (which followed a 
subsurface exploration and laboratory testing 
program), it was discovered that the underly
ing marine clay soils could not support the 
proposed landfill containment dike on the east 
side of the island. After an analysis of several 
schemes to improve slope stability, it was de- . 
cided to install 65-foot-long stone columns us
ing the dry bottom-feed technique. 

Description of the 
Containment Dike 
A major construction item in the Spectacle Is
land disposal facility is a dike that has been 
constructed just off the eastern shore of a por
tion of the island (see Figures 1 and 2). The 
purposes of the dike are to: 

• Establish a new shoreline for the east side 
of the island so that fill can be placed in 
front of and over the refuse bluff (in order 
to cover it without excavating any exist
ing refuse); 

• Control future erosion of the east side of 
the island; and, 
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• Contain and collect leachate flowing from 
the refuse. 

The dike is about 1,700 feet long with a 20-
foot-wide crest at elevation 128.5 feet (based on 
Project Datum, which is 100 feet below the 1929 
National Geodetic Vertical Datum). The lowest 
preconstruction elevation of the harbor bottom 
under the proposed dike was about elevation 
92± before excavation for dike construction. The 
outside slope of the dike is protected against 

. erosion by rip-rap shore protection consisting 
of 5-ton stones underlain by graded filters. 

A plan showing the cofferdam and dike align
ments is shown in Figure 2. A cross section of the 
proposed dike is shown in Figure 3. The outside 
slope is 2:1 (H:V), and the backslope is 1.5:1. 
Proposed grades up.slope from the dike are about 
3:1. The maximum elevation of the island will be 
about elevation 270 on the north drumlin. 

The dike was built in the dry by constructing 
a steel sheet pile cofferdam and dewatering the 
construction area. About 20 feet of existing soft 
sediments and refuse in the dike area · were 
removed, and the dike was constructed of com
pacted till fill obtained from the south drumlin 



of the island. Compacted till 
fill was placed behind the 
dike up to elevation 105, 
which is the mean high 
water (MHW) elevation. 
Placement of CA/T fill be
low MHW was not allowed 
under the project permits. 

---
Refuse 

Bluff~ 

~//1 
YL Existing 

Salt 
Marsh 

The project criteria re
quired the static factor of 
safety to be at least 1.3 for 
both short- and long-term 
conditions. Stability under 
seismic loading conditions 
was evaluated by estimating 
earthquake-induced defor
mations. 

Mean High 
Water Line 
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N 
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> \ 
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Subsurface 
Conditions 

Approximate Limits of . l 

The natural soils in the north 
and south drumlins consist 
of dense glacial till. Before 
work on the island began, 
the top of the till was about 
elevation 170 on the north 
drumlin and elevation 160 
on the south drumlin. 

Ex;sting :f:: l ~ 
~ 

o 100 200 300 feet 

Offshore and in the sad
dle between the drumlins is 
a deposit of marine clay FIGURE 2. Dike plan showing the treatment areas. 
(commonly referred to as 
Boston Blue Clay). The portion of the deposit 
between the drumlins is referred to herein as 
the clay valley. This clay is very stiff in the 
upper 6 to 12 feet, becoming medium stiff to 
stiff with depth. The upper part of the clay 
deposit is highly overconsolidated due to des
iccation during a period when it was exposed 
above sea level. Generally, the clay is overcon
solidated throughout its entire depth, except 
beneath the thicker zones of refuse on the is
land, where the lower portion of clay in the 
deepest part of the clay valley appears to be 
normally consolidated or even slightly under
consolidated. 

The top of the marine clay is generally at 
about elevation 85 to 95 on the island, but it 
slopes downward to about elevation 75 in the 
area of the cofferdam. Under the dike, the top 
of the clay is at approximately elevation 78 to 

80, and the bottom of the clay is at about eleva
tion 10 in the deepest portion of the clay valley 
(near dike station 10+00). The clay pinches out 
toward the ends of the dike. The clay generally 
has medium to high plasticity and is stratified 
with lenses and layers of silt and fine sand. The 
clay also contains occasional coarse material -
which ranges from coarse sand to coarse gravel 
- distributed randomly throughout the de
posit. 

For this project, the clay stratum was subdi
vided into two zones: . the highly desiccated 
upper zone of very stiff to hard clay, C1 (stand
ard penetration test [SPT] N~values greater 
than or equal to 15 blows/ foot) and a lower 
zone of medium stiff to stiff clay, C2 (SPT N-val
ues less than 15 blows/ foot). 

Ocean sediments consisting of soft organic 
silt and sandy silt are present over the till and 
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FIGURE 3. Dike cross section. 

clay offshore and over the clay between the 
drumlins on the island. 

The refuse, located in the center and south 
portions of the north drumlin and over the clay 
valley between the drumlins, consists of a vari
able mixture of municipal refuse, sand and 
gravel, cinders from the burned refuse, wood 
and other debris. The maximum thickness is 
estimated to be 100 feet. In much of the central 
part of the island, the bottom of the refuse is at 
about elevation 90. 

For the slope stability analyses, the existing 
soils of most concern were the marine clay and 
the refuse. The ocean sediments were removed 
from areas where they would have significantly 
affected the stability, and the shear strength of 
the till was so high that it did not affect the most 
critical potential failure surfaces. 

The SPT blow counts (N-values) in the clay 
ranged from zero (weight of rods) to 78 
blows/ foot, with most values between 4 and 20 
blows/ foot. Stress history profiles from con
solidation test data for the offshore clay are 
plotted in Figure 4. These profiles indicate that 
the offshore clay is heavily overconsolidated at 
higher elevations. The average overconsolida
tion ratio (OCR) in the vicinity of the dike de
creases with depth from greater than 20 to 
about 2 near the bottom of the deposit. 

Undrained shear strength estimates (with 
no plasticity correction) from 40 field vane 
shear tests ranged from 0.8 to 6.4 kips per 
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square foot (ksf). Most values ranged between 
1.0 and 2.0 ksf. Testing for remolded (residual) 
strength of the clay was undertaken except 
when the peak shear strength exceeded the 
capacity of the vane shear device. Sensitivity 
estimates ranged from about 2 to 13. 

Undrained shear strength values for the 
offshore clay that were measured in 62 uncon
solidated undrained triaxial compression 
(UUC) tests ranged from about 0.5 to about 3.4 
ksf, with most values above 1.2 ksf. Eleven 
isotropically consolidated undrained triaxial 
compression tests with pore pressure measure
ments (CIUC) were also run on samples of the 
offshore clay. Undrained shear strengths 
measured in these tests ranged from 0.8 to 1.9 
ksf. 

For comparison of the various strength data 
for the offshore clay, a plot of undrained shear 
strength versus elevation (see Figure 4) was 
made using the SHANSEP approach.3 Based on 
this approach, the peak undrained shear 
strength, Su, of typical clay~is related to the 
effective overburden stress, crvo, and the OCR 
as: 

5,/crvo = S(OCR?1 

where: 

S and m are parameters for a particular soil 
deposit 
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FIGURE 4. Soil property profiles. 

The values of parameters S and m were esti
mated from 15 direct simple shear (DSS) tests 
performed in two earlier investigations on sam
ples consolidated to OCR values ranging from 
1 to 8. The DSS test results indicated values of 
S equal to 0.2 and m equal to 0.7. These values 
for Sand m fall in the range of those estimated 
for Boston Blue Clay elsewhere on the CA/T 
Project. 

For the onshore clay, 12 UUC tests were con
ducted on samples of the C2 clay. Measured un
drained shear strengths ranged from 0.7 to 2.4 ks£. 

Properties for the existing refuse were esti
mated from available literature on the subject.4 
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Based on values reported in the literature and 
descriptions of the materials encountered in the 
borings and test. pits, it was estimated that a 
peak angle of internal friction of 30 degrees 
could be mobilized in the refuse at an axial 
strain of about 20 percent. At lower shear 
strains, less shear strength would be mobilized. 
Because the clay is expected to achieve its peak 
shear strength at an axial strain of 5 to 10 per
cent, a strain-compatible shear strength was 
used for the refuse (friction angle of 16 degrees) 
in the analyses where potential failure surfaces 
would pass through both the clay and the re
fuse. To check against the possibility that the 
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TABLE 1. 
Soil Properties 

Total Unit Undrained Shear Effective Friction Angle 
Soil Weight (pcf) Strength (psf) (degrees) 

In-situ Glacial Till 135 - 40 

Stiff Clay (C2) 117 1,200 -

Very StiffClay (C1) 117 1,600 -
Clay Under Refuse 117 1,400 -

Sediments 105 120 -

Compacted Glacial Till 135 - 35 

Refuse 70 - 16* 

Compacted CA/T Fill 115 1,500 -

Note:• Estimated strain-compatible value for potential failure surfaces that included both refuse and clay. 
From Ref. 2 

strength or stiffness of the refuse was lower 
than expected, analyses were also run using 
zero strength for the refuse to show that a factor 
of safety of at least 1.0 was obtained. 

The undrained shear strength of the CA/T fill 
was assumed to be 1,500 psf, which was the 
strength needed to maintain a factor of safety of 
at leastl.3 for the proposed 3:1 fill slopes. Strength 
testing on a limited number of samples taken 
from source areas of the CA/T fill indicated that 
this strength could usually be achieved if the soil 
was compacted to at least 92 percent of the maxi
mum dry density based on American Association 
of State Highway and Transportation Officials 
(AASHTO) Test Method T-180 (Modified 
AASHTO Compaction). The construction speci
fications require that the soil be compacted to 92 
percent.5 The shear strength of the compacted soil 
was to be confirmed by testing on compacted 
samples during construction. Table 1 summarizes 
the soil properties used in the slope stability 
analyses. 

Design Alternatives 
Slope stability analyses were performed using 
a computer program. The Modified Bishop 
Method was used to locate the critical failure 
surface and estimate the minimum factor of 
safety for the existing condition and the end of 
construction condition. The existing condition 
was evaluated to confirm the estimated soil and 
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refuse parameters. Spencer's Method was then 
used to further evaluate the factor of safety of 
the most critical failure surface. A manual check 
of the most critical failure surface using the . 
Modified Bishop Method was performed to 
verify the computer results. 

Using the soil properties listed in Table 1, the 
factor of safety under static loading conditions 
was found to be about 1.0, which was lower 
than the required 1.3. The critical potential fail
ure surfaces passed through the refuse well 
behind the dike and extended out into the har· 
bor beyond the toe of the dike. They passed 
through the clay deep beneath the dike near the 
day-till interface. 

To evaluate the dike and fill under seismic 
loading, earthquake-induced slope movements 
in the dike area were estimated using a defor
mation analysis. 6 There was concern that large, 
earthquake-induced displacements could cre
ate shear planes within the clay. The reduction 
in shear strength that would occur along these 
planes, if they formed, could then result in post
earthquake instability. Using a weighted aver
age shear modulus for the composite stratum 
of clay and stone columns, permanent displace
ments were estimated to be less than 6 inches, 
even under the maximum design earthquake, 
with a peak bedrock acceleration of 0.30 g. 
These displacements were judged to be too 
small to cause reduction in shear strength of the 



clay and, therefore, the displacements are ac
ceptable. 

The following design . alternatives were 
evaluated to improve the static stability of the 
dike and the fill behind the dike: 

• Wick drains/ staged construction; 
• Counterberm/ flatter foreslope; 
• Flatter proposed fill slope behind the 

dike; and, 
• Stone columns. 

Improvements to the dike itself, such as inter
nal reinforcement, were not considered and 
would not have been useful because the most 
critical surfaces did not pass through the dike. 

Because of the large thickness of refuse be
hind the dike, the improvement of the soils 
beneath the refuse was not practical. Therefore, 
soil improvement was limited to only the foun
dation soils in the immediate vicinity of the 
dike. The strength increase that was provided 
by wick drains in this limited area was not 
sufficient to satisfactorily raise the factor of 
safety. A counter berm in front of the dike would 
have had to extend about 150 feet out from the 
toe of the dike to provide the necessary im- · 
provement. This approach would have re
quired filling several more acres of the harbor 
than allowed in the project's permits, which 
allowed the filling of no more than about eight 
acres below MHW (elevation 105). This area 
was determined during the preliminary design 
phase to be the minimum necessary to con
struct the dike and fill in front of the refuse bluff 
without having to cut down the bluff. 

Making the slopes behind the dike less steep 
would have reduced the storage capacity of the 
island significantly and would have made the 
project difficult to justify on economic grounds. 
Also, this option would have required the re
moval of some of the existing refuse, which was 
not considered acceptable. 

Stone Columns 
General Description. Stone columns are vertical 
cylinders of compacted stone that have been 
successfully used on numerous projects to im
prove the bearing capacity of soils, to reduce 
settlements and to increase the time rate of 
settlement of clays. The columns increase the 

shear strength of the stratum not only by intro
ducing high-strength stone, but also by provid
ing drainage to permit the clay to consolidate 
rapidly, thereby gaining shear strength. By us
ing stone columns, the modified soil acts as a 
composite material that is stiffer and has a 
higher shear strength than the unmodified 
soils. 

Installation Procedures. Typically, stone col
umns are installed to depths of up to 40 feet 
using the wet method, where a jet of water from 
the bottom of the probe (vibroflot) creates a hole 
for the probe and carries the cuttings to· the 
ground surface. This method generates a large 
amount of muddy wastewater. For this project, 
the generation of this wastewater would be a 
serious drawback, considering the confined 
area of work within the cofferdam and the need 
to clarify the water before it was released to the 
harbor. However, a few recent projects have 
used dry, bottom-feed stone columns to depths 
of 60 feet into glacial clays. For the recent Blue 
Water Bridge Project in Port Huron, Michigan, 
for the Federal Highway Administrat!on 
(FHWA), stone columns with an average effec
tive diameter of 3.25 feet were installed using 
the dry bottom-feed method to a depth of 60 
feet in clays having undrained shear strengths 
between 0.8 and 1 ksf.7 Based on this recent 
work and consultation with several stone col
umn contractors, it was determined that dry, 
bottom-feed stone columns would provide a 
technically feasible, cost-effective technique to 
provide a stable foundation for the contain
ment dike. 

The dry, bottom-feed stone columns are typi
cally installed by vibrating a probe to the re
quired depth without jetting and with little, if 
any, pre-augering. At Spectacle Island, pre
augering was expected to be needed in order to 
penetrate the upper stiff clay. The stone to be 

. used in the columns is loaded pneumatically 
into a housing (follower tube), and the probe 
and follower tube advance into the soil under 
their own weight and the weight of the stone. 
When the planned depth of the bottom of the 
stone column is reached, the probe is raised 
several feet, which allows some of the stone to 
drop out. The probe is then raised and lowered 
while vibrating to compact the stone and to · 
force it out to the sides to enlarge the stone 
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FIGURE 5. Unit cell. 

column. This process is repeated as the probe is 
gradually withdrawn from the hole. The size of 
the probe and follower tube is about 22 inches 
in diameter. The planned diameter of the stone 
columns at Spectacle Island was 3.5 feet. 

One of the advantages of using the bottom
feed method is that the stone is. placed in the 
column in measured doses. This method allows 
for a fairly accurate estimate of the final con
structed diameter for each charge of stone. The 
loose and compacted unit weights of the stone 
are determined in the laboratory prior to use on 
site. Since the volume of the receiver tank is 
known and the lift thickness can be measured 
by observing the probe penetrations between 
charges, the column diameter can be easily cal
culated for each charge. 

This method of stone column installation can 
significantly disturb the clay because the stone· 
column is created without removing any soil. If 
the clay is sensitive, this can seriously reduce its 
shear strength, which must be considered in the 
design of the columns. 

Design Procedures. The design is based on the 
average strength parameters method, where 
the stone column treated area is modeled as a 
composite c-<1> material.8 The composite pa-
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From Ref. 9 

• The expected reduction 
in soil strength due to dis
turbance during stone 
column installation. 

Figure 5 illustrates the unit 
cell concept and the stress con
centration ratio concept. The 
area ratio, _as, is defined as the 

fraction of soil tributary area of the stone col
umn replaced by the stone: 

where: 

As = The area of the stone column 
A = The total area of the unit cell 
D = The diameter of the stone column 
De = The equivalent diameter of the unit 
cell 

Figure 5 also illustrates another important 
concept - stress concentration ratio. Stress con
centration occurs on the stone columns because 
the columns are stiffer than the surrounding 
clay and because the overlying embankment 
will arch loads from the clay onto the columns. 
This stress concentration effect only applies to 
loads applied after the stone columns are com
plete and not to the weight of the stone column. 
The stress concentration ratio, n, is defined as 
the ratio of stress applied to the stone column, 
crs, to the stress applied to the clay soil, crc: 



TABLE 2. 
Stone Column Locations 

Zone Location Design Area Ratio Column Spacing Actual Area Ratio* 

1 Sta. 8+00 to 1 0+00 0.12 
2 Sta. 10+00 to 14+00 0.17 
3 Sta. 14+00 to 15+00 0.10 

Note: ·,.. Calculation based on estimated actual stone column diameters. 

The composite shear strength of a stone col
umn-reinforced soil is: 

where: 

f..crv = The increase in effective vertical stress 
due to the weight of the fill added above 
the completed stone columns, but not con
sidering any stress concentration effect. 

crvo = Vertical effective stress in the stone col
umn at average depth of potential failure 
surface due to the weight of the stone 
column. 

$s = Angle of internal friction of the stone 
column material. 

Su = Undisturbed peak undrained shear 
strength of the clay. 

Rf = Reduction factor to account for distur
bance to the day during installation of 
the columns. 

Final Design. For the analyses, a stress con
centration ratio (n) of 3 was used, based on the 
Japanese method of design for sand columns.8 

That ratio was applied only to the applied ex
ternal loads - i.e., the weight of the overlying 
embankment. The weight of the stone column 
itself was not multiplied by- n. In the design 
procedure in the FHWA stone column design 
manual, smaller values of n are recommended, 
but the ratio is applied to all vertical loads 
(internal and external).9 

9 ft 7 in 0.128 
8 ft 1 in 0.182 
10ft6in 0.104 

During design, it was assumed that the stone 
column installation would significantly disturb 
the marine clay, thus reducing the shear 
strength. To account for this, a reduction factor 
(R/) . was included on the undrained shear 
strength of the clay between the columns -
assuming the strength of the clay between the 
columns to be 30 percent of the peak strength 
for the undisturbed clay (i.e., Rf equal to 0.3). 
This reduction was selected because the aver
age sensitivity of the clay (which Was deter
mined by field vane tests) was about 3. Al
though the clay will eventually regain shear 
strength, the rate at which the clay would 
recover could not be predicted, so any poten
tial strength recovery was not included in the 
analysis. 

Based on the above assumptions, the com- . · 
posite soil parameters for various area ratios 
were estimated. The factor of safety and the 
required area ratio were estimated for every 100 · 
feet along the dike, as well as at closer intervals 
where required to determine the limits of the 
treatment zones. 

The final design called for a 150-foot-wide, 
treated area centered on the dike baseline (ex
tending from dike station 8+00 to station 
15+00). This area straddled the clay-filled val
ley. Three different area ratios were used, depend
ing on the amount of treatment required to 
achieve the required factor of safety. Figure 2 
shows the locations of the different treatment 
zones. Table 2 summarizes the column spacings 
in those zones, assuming a column diameter of 
3.5 feet and a triangular arrangement of columns. 

The most efficient location for stone columns 
is on the active side of the failure surface. How
ever, at this site, placing stone columns at this 
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point would have required penetrating over 65 
feet of existing refuse, creating significant logis
tical and safety difficulties. In addition, it was 
felt that the stone columns should be uniformly 
distributed across the width of the dike in order 
to provide for more uniform settlements of the 
dike. . 

Construction at Spectacle Island 
General Procedures. After the dike area was de._ 
watered and the soft sediments removed, the 
contractor constructed a working platform con
sisting of a separation geotextile and an 18-inch 
layer of 0.75-inch crushed stone. The crushed 
stone was the same material used in the stone 
columns. After the completion of the stone col
umns, the working platform was graded at a 
slope downward to the east, and the stone col
umns were hydraulically connected to a drain
age geon~t placed atop the working platform. 

The contract documents allowed the con
tractor to pre-auger to a depth of as much as 20 
feet below the top of the clay in order to pene
trate the very stiff upper clay layer. The stone 
columns were then constructed in the pre
viously described manner for dry, bottom-feed 
stone columns. The contractor initially mobi
lized.two bottom-feed rigs and two caisson rigs 
to install the stone columns. 

The contractor encountered difficulties in 
· penetrating the medium stiff clays below the 
pre-augering depths. The vibrator probe could 
penetrate the clay; however, the time required 
to reach the top of the till was much longer than 
anticipated, in some cases requiring 80 min~ 
utes. Various techniques were tried to improve 
the performance of the penetrator, including 
jetting water out the sides of the probe to lubri
cate the probe and follower tube. This method 
improved penetration slightly but created a 
large quantity of muddy slurry. Since the im
provement was minor and the excess water was 
difficult to handle, this method of installation 
was discontinued after a few test columns were 
installed. 

Eventually, it was decided to pre-auger us
ing a 3.0-foot-diameter auger for the full depth 
of the stone columns and then use top-feed 
procedures to construct the stone columns. This 
method had the added advantage of permitting 
examination of the soil that was being exca-
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vated from the bottom of the hole, thus increas
ing confidence that the stone column extended 
completely through the clay and into the till. A 
42-inch-diameter casing about 4 feet long was 
set at the top of each column to keep water and 

· spoil from falling into the hole. 
To speed stone column construction, an ad

ditional caisson rig was mobilized to the site 
(for a total of three). Also, the bottom-feed 
probes and follower tubes were replaced with 
conventional probes, which are more conven
ient to use. With this system, two probes could 
keep up with three auger rigs. 

With the top-feed method, the stone was 
dumped into the hole using a loader with a 2.5 
cubic yard bucket, The bucket capacity was 
verified at the start of the job. However, using 
this method, a significant amount of stone re
mains at the ground surface instead of being 
placed down the hole. Since this volume must 
be estimated, the calculation of the stone col
umn diameter is not as accurate as for the bot
tom-feed method. To reduce this uncertainty, a 
mobile hopper was constructed so that all the 
stone from the bucket was directed into the hole. 
In comparing the mean calculated diameters, it 
was found that the average with the hopper was 
about O.l foot smaller than the average without 
the hopper, and that the standard deviation was 
reduced from 0.15 to 0.10 foot. 

Some difficulties were encounteredwith the 
initial use of the bottom-feed system due to the 
weather and the supply of crushed stone. The 
stone specified was similar to ASTM No. 57 
stone and could have no more than 5 percent 
fines. For acceptable performance of the stone 
column, a larger amount of fines was permissi
ble, and some stone samples submitted con
tained as much as 10 percent fines. These fines 
caused two difficulties for the bottom-feed rigs. 
One problem was that the fines tended to accu
mulate in the apparatus and clog the hoses that 
the stones travel through, thus slowing down 
production and requiring frequent work stop
pages to clear the blockages. Also, since the 
work was being performed from December to 
March, the moisture in the fines frequently 
froze, causing the machines to dog. Since the 
project was on a very tight schedule, it was not 
possible to · delay stone column construction 
until spring. In addition, some of the 0.75-inch 



stone became contaminated with larger sizes of 
stone, which were being used for other pur
poses on the site. These larger stones caused 
blockages in the bottom~feed equipment. With · 
the top-feed procedures, none of these stone-re
lated issues caused any problems, except for 
some occasional frozen stone. 

Quality control of the columns included ob
serving the thickness of each lift, observing that 
the vibrator completely penetrated each lift, 
calculating the average diameter of the stone 
columns for each lift and monitoring the am
perage draw of the vibrator.10 The lift thickness 
and the amperage draw are selected based on 
trial stone columns constructed at the begin
ning of the project by the contractor using the 
proposed equipment. 

The Constructed Product. After the top-feed 
procedures were agreed on, three test columris 
were installed in the zone with the highest area 
ratio (Zone 2). About one week later, a soil 
boring was drilled in the middle of these test 
columns. Fixed-piston samples were obtained 
for laboratory testing, and CIUC triaxial tests 
were performed on three of the samples from 
this boring. 

The purpose of this testing was to verify the 
design assumptions regarding the amount of 
clay disturbance. During design, it was as
sumed that: 

• The bottom-feed method would be used; 
• Only the upper clay would be pre-

augered; and, · 
• The clay would be heavily disturbed dur-

ing installation of the stone columns. 

As stated above, the estimate of the strength 
loss was based on the results of the vane shear 
testing. We assumed that the disturbance 
would reduce the undrained shear strength to 
about one third of the undisturbed shear 
strength. However, because the columns were 
pre-augered for their entire length, the clay was 
not disturbed enough to significantly reduce 
the shear strength. The CIUC tests performed 
after installation of these test columns indicated 
the undrained shear strengths to be 1.7, 1.7 and 
0.9 ksf at elevations 21, 26 and 41, respectively. 

The contractor used two shifts per day to 
install the stone columns. A typical shift could 

produce between 500 and 700 feet of stone col
umn per rig. This rate varied greatly depending 
on the weather, logistical constraints from 
working on a crowded island and the depth of 
the stone columns. In total, 1,621 stone columns 
(totaling 80,800 feet) were installed from Janu
ary to March 1994. 

The stone column diameter is estimated for 
each charge of stone by placing a known vol
ume of stone in the hole, measuring the thick
ness of the charge of stone after compaction 
with the vibrator and then calculating the cor~ 
responding diameter. One~foot intervals are 
marked on the probe to aid in estimating the 
depth of hole before and after each charge. 
Profiles from three typical stone columns from 
Zone 1 are shown in Figure 6. The stone col
umns were required to have an average diame-

. ter of at least 3.5 feet. As Figure 6 shows, even 
though the average diameter was at least 3.5 
feet, the diameters can vary significantly along 
the length of the column. Table 2 compares the 
design and actual area ratios. The actual area 
ratios were calculated using the average diame
ter of each stone column. 

In areas where a stone column was not con
structed to the design diameter, the local area 
ratio (including the small-sized stone column 
and all of the adjacent stone columns) was cal
culated. In all cases on this project where there 
was an undersized stone column, the local area 
ratios were found to be adequate. Most of the 
undersized stone columns were test columns 
that were installed before procedures had been 
firmly esh1blished. If a local area ratio had been 
found to be inadequate, the contractor would 
have been required to replace the defective 
stone column. 

The dike core was constructed of compacted 
till fill from April to June 1994. The shore pro
tection was completed to the top of the dike in 
early October 1994. Once adequate shore pro
tection was installed up to the high tide level, 
the work area was flooded in mid-July 1994, 
and demolition of the cofferdam commenced. 

To monitor the behavior of the island and 
dike as placement of fill on the island pro
ceeded, geotechnical instrumentation was in
stalled. Pore water pressures in the marine clay 
were measured using vibrating wire piezome
ters (VWPZs), and horizontal and vertical dis-
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FIGURE 6. Cross section of typical stone columns. 

placements within the soil were measured us
ing inclinometer/probe extensometers (IPEs). 
These instruments were installed at the loca
tions listed in Table 3. In the stone column
treated areas, the instruments were installed 
midway between the stone columns as close as 
could be estimated. 

Plots of piezometric level versus time for 
piezometers installed in the clay below the dike 
are shown in Figure 7. Measurements of pore 
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pressures in the stone column-treated areas 
show that placement of about 40 feet of fill 
(embankment and CA/T fill) caused insignifi
cant increase in pore pressures (5 percent or less 
of the weight of the added fill). By comparison, 
MS209 (located outside the treated area) 
showed the pore pressure as a percent of esti
mated surcharge to be 77 percent on November 
16, 1994, with a steady decrease to 55 percent as 
of September 8, 1995. 



TABLE 3. 
Dike Instrumentation 

Monitoring IPE Initial Plate VPWZ Tip 
Station Location Number Magnet Elevation Number Elevation 

MS202 Sta. 14+32 o/s 22'L 101 90.29 - -

MS204 Sta. 12+20 o/s 20·L 103 82.48 105 49.45 
106 70.45 

MS207 Sta. 10+35 o/s lO'L 105 81.19 110 25.70 
111 45.45 
112 65.65 

MS207A* 505 84.92 - -

MS209 Sta. 7+80 o/s 22•L 107 87.89 116 63.20 
MS209A* 507 93.36 - -

Note:• IPE105 and IPE107 were damaged in July 1994 and replaced with I PESOS and IPE507, respectively, in April 1995 at offset locations. 

Plots of piezometric level versus time for 
piezometers installed behind the dike (outside 
the stone column-treated area) are shown in 
Figure 8. These instruments are located in areas 
where CA/T fill was placed behind the dike to 

---VPWZ105 

a level at, or slightly above, the dike crest ele
vation. They show pore pressure increases 
similar to those measured at MS209. However, 
the pore pressure increases occurred much 
more gradually because the rate of fill place-

-·--··-··- VPWZl 1 2 

------VPWZ106 ---vrwz111 - - - VPWZ116 

FIGURE 7. Measured piezometric levels in the clay below the dike. 
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FIGURE 8. Measured piezometric readings behind the dike outside the stone column treated 
area. 

ment behind the dike was much lower than the 
rate of dike construction. 
. It can be seen on Figure 7 that the piezomet
ric level in the treated zone rose up to slightly 
above mean sea level (elevation 100) in late-July . 
1994 when the cofferdam was flooded. 

To estimate the time rate of settlement, a 
coefficient of consolidation, Cv, of 1.7(10r3 

cm2 
/ sec was used for the marine clay, based on 

the average value from the consolidation tests. 
Without drainage provided by the stone col
umns and assuming a single drainage path, it 
was estimated that it would require about 70 
years to dissipate 90 percent of the excess pore 
pressure for a clay thickness of 68 feet and 9 
years for a clay thickness of 24 feet. Using stone 
columns with an area ratio of 0.15 (the average 
area ratio in the treated area), it was estimated 
that 50 percent of the excess. pore pressure 
would dissipate in 8 days and that 90 percent 
would dissipate in 35 days. 

The crest of the dike was designed to be 
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crowned, so that it would be approximately 
level when all settlement is complete. To aid in 
estimating the needed height of the crown for 
the dike, the consolidation settlement of the 
dike was estimated at each station along the 
baseline. The equilibrium method was used to 
estimate the settlement ratio and then the con
solidation settlement of the stone column 
treated area.9 In this method, it is assumed that 
the stone column and the surrounding soil 
compress the same as each other. The measured 
settlements were compared with the predicted 
settlements and the settlement ratios used in 
the design.9 These results are summarized in 
Table 4. 

For the design, settlement ratios of 0.75 and 
0.80 were assumed at MS204 and MS202, re
spectively. The settlement ratios as measured 
by these two instruments are reasonably close 
to the estimates, considering the difficulties in 
estimating the actual vertical stress increase in 
the clay. At MS207 and MS209, the IPEs were 



TABLE 4. 
Settlement 

Estimated 
Settlement in Measured 

Clay Thickness Untreated Soils Settlement Settlement 
Station (feet) (feet) 

MS204 41 0.92 

MS202 32 0.50 

damaged before significant settlement meas
urements could be obtained. 

Lateral movements under the dike were 
measured using IPE101, IPE103, IPE105 and 
IPE107. Lateral movements behind the dike 
were also monitored using IPE102, IPE104 and 
IPE106. Movements in the clay under the dike 
were typically less than 2 inches. However, 
IPE103 measured a deflection of about 5 inches 
between elevation 43 (top of till) and elevation 
70, with a nearly uniform shear strain of 1.5 to 2 
percent. IPE105 showed a strain of about 1.0 
percent between elevation 50 and 57, but the 
total deflection over this depth range was only 
about 1 inch. The IPEs behind the dike all 
showed less than 1 inch of movement in the clay. 

Conclusion 
Stone columns can be a cost-effective and tech
nically feasible ground modification technique. 
As in all engineering projects, the advantages . 
.and disadvantages of different techniques must 
be weighed and trade-offs compared to find the 
best solution for the unique characteristics of a 
given project. 

It is important to recognize that when com
paring a technique that has been successfully 
used in other projects, even small differences 
can make a significant difference in the suitabil
ity of the technique at a second site. For exam
.pie, the undrained shear strength of the clay at 
the Michigan site was not much lower than at 
Spectacle Island. However, the small increase 
over the large depth made a significant differ
ence in the performance of the installation 
equipment, requiring that each stone .column 
be pre-augered for the full depth. The project 
was successful because the contractor was 

(feet) Ratio 

0.67 0.725 

0.36 0.720 

given enough freedom to adjust techniques and 
tools to contend with actual site conditions ahd 
because the original design engineers were re
tained and actively involved during construc
tion to advise on changes recommended by the 
contractor. 
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Case Study 

Trenchless Technology 
Considerations for 
Sewer Relocation & 
Construction 

Greater reliance on the use of 
trenchless technologies and 
different application of their 
current uses provide solutions 
to the re-engineering of urban 
sewer systems. 

ARTHUR A. SPRUCH & JOHN J. STRUZZIERY 

The use of trenchless technologies in the 
installation of new, or in the rehabilita
tion of existing, sewer or infrastructure 

piping systems is becoming more common to
day throughout the United States and the 
world. Trenchless technologies consist of the 
use of underground construction methods that 
involve little or no surface excavation to com
plete the work. In many instances, different 
sizes and types of construction equipment can 
be used since excavation is eliminated or mini
mized. Furthermore, considerable cost savings 
can be realized due to faster production, the 
avoidance of utility conflicts, eliminating the 

need for groundwater dewatering and trench 
shoring, and the avoidance of surface disrup
tions such as traffic detours, and excessive 
noise and dust conditions. Trenchless technolo
gies for new sewer construction include: 

• Microtunneling; 
• Horizontal directional drilling; 
• Pipe bursting; and, 
• Pipe jacking. 

For sewer rehabilitation, trenchless technolo
gies include such systems as cured-in-place 
pipelining, sliplining, fold and formed, and spi
ral wound methods. These types of technolo
gies can be used in conjunction with under
ground utility trenchless location methods. 

The relocation of utilities in an urban area 
can be a difficult and expensive undertaking. 
When embarking on such a project a number of 
factors must be considered: 

• Traffic diversions; 
• Adverse impacts to businesses; 
• Construction noise and vibration; 
• Groundwater drawdown; and, 

CIVIL ENGINEERING PRACTICE SPRING/SUMMER 1996 95 



- At-Grade 

FIGURE 1. Location of the utility relocation area within the CA/f Project. 

• Providing an adequate corridor for the 
construction of the new utilities. 

On the Central Artery /Tunnel (CA/T) Project 
in Boston, these considerations were a signifi
cant part of the process to relocate the existing 
utilities and to provide a corridor for the con
struction of the mainline tunnel to accommo
date the new eight- to ten-lane wide express
way. Utility companies that have to move their 
conduits and pipes to accommodate the con
struction process are taking this opportunity to 
upgrade Boston's infrastructure. 

This utility relocation effort is one of the CA/T 
Project's 60 design contracts and is located in the 
North End ofBoston (see Figure 1). The relocation 
project encompasses the present· overhead Cen
tral Artery from the Sumner/ Callahan tunnels to 
the Charles River and is approximately 180 by 
1,070 meters (600 by 3,500 feet) in area. This area 
is one of the more congested and sensitive areas 
in the city and contains buildings over 150 years 
old. North End traffic is especially congested on 
Fridays and Saturdays when the area is used for 
a fruit and vegetable market. The relocation also 
crosses the historic Boston Freedom Trail (where 
over one million visitors walk throughout the 
year), the Massachusetts Bay Transportation 
Authority Bus Terminal at Haymarket Square, 
vehicular surface entrances and exits to the Sum-
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ner and Callahan Tunnels, and is adjacent to the 
new Fleet Center /Boston Garden at. North Sta
tion. Any construction undertaken in this area 
of the city must address· significant hurdles in 
satisfying the concerns of each of these entities 
as well as the daily business and commuter 
traffic. 

Proposed utility realignments posed a sig
nificant undertaking within the scope of the 
CA/T Project. A relocation scheme was devel
oped to minimize disruptions to existing facili
ties and to provide a clear path (unencumbered 
by the need for utility relocation) for the con
struction of the depressed Central Artery and 
its slurry wall system. Added to these concerns 
was the need to maintain both pedestrian and 
vehicular traffic flow while relocating a wide 
range of utilities with different owners -
which required extensive coordination among 
their varied interests. 

This part of the CA/T Project consisted of 
relocating three utility corridors transverse to 
the proposed depressed Central Artery as well 
as other utility corridors parallel to the pro
posed depression. The utilities to be relocated 
consisted of: 

• 1,040 meters (3,400 feet) of 900- to 1,700-
millimeter (36- to 66-inch) combined 
sewer; 



• 3,000 meters (9,800 feet) of 300- to 760-mil
limeter (12- to 30-inch) water main; 

• 800 meters (2,600 feet) of 200- to 500-mil
limeter (8- to 20-inch) gas lines; 

• 1,100 meters (3,600feet) of electrical con
duit; and, 

• 975 meters (3,200 feet) of communications 
conduit· (telephone, cable TV, traffic and 
fire). 

There were also two crossings at the mouth of 
the Sumner/ Callahan tunnels: 

• A 1,700-millimeter (66-inch) diameter 
combined sewer; and, 

• A separate utility corridor for three 400-
millimeter (16-inch) water mains. 

It was imperative that the relocation of utili
ties in this area be accomplished in a· timely 
manner in order to maintain the schedule for 
the entire CA/T Project. These utility reloca
tions were complicated by technical con
straints, agency and private interests along the 
route, and coordination needs. All of these con
cerns needed to be addressed in a manner that 
not only provided an acceptable design and 
construction sequencing plan, but one that 
went beyond the concept of "acceptable" and 
recognized the sensitive nature of the project. 

Project Considerations & Constraints 
Early in the design of the utility relocations, the 
design consultant for the relocation recognized 
that trenchless construction techniques might 
be employed to mitigate adverse effects on 
businesses, pedestrians and vehicular traffic. 
Since the construction work extended to 8-me
ter (25-foot) depths, relocation required exten
sive dewatering during excavations and full 
street reconstruction after completing the work. 
An added complexity was the need for all ex
isting utilities to remain active during the in
stallation of the earth support systems and the 
construction of the new utilities. Using conven
tional sheet pile support systems could.not suf
ficiently address the problems posed by the 
maze of existing utilities found in Boston. To 
address these problems, an H-pile and timber 
lagging support system was proposed for the 
construction of all utilities. Seepage control in 

the granular and miscellaneous fills of the 
deeper excavations was handled by dewater
ing, provided it did not impact the adjacent 
structures. 

Many· of the new utilities were built at a 
depth of 6 to 8 meters (20 to 25 feet). A major 
advantage of installing the new utilities at this 
depth was that they would be below the exist
ing utility corridor. These conditions presented 
an opportunity to adopt trenchless techniques 
to install deeper sewer utilities. This approach 
would reduce the adverse effects, and the time 
needed, to install extensive excavation sup
ports and seepage control systems along the 

. adjacent businesses in the North End. The total 
cost of trenchless construction depended on the 
quantity and size of the pipes installed using 
the method, with its cost effectiveness increas
ing with the size of the project Therefore, it was 
decided to use trenchless techniques in as many 
locations as possible. 

In 1991, the design consultant responsible for 
the relocation compared the cost of trenchless 
construction versus open cut methods. It was 
determined that the costs for trenchless con
struction ranged from equal to twice the costs 
for open cut construction. Since the CA/T Pro
ject's Management Consultant was concerned 
with the overall project cost and schedule, and 
since only a limited amount of the deep sewer 
construction could use this approach, it was 
determined not to incorporate tren.chless design 
approaches in the contract documents. Also, 
from experience gained in constructing other 
utility relocations for the CA/T Project, it was 
common to uncover unknown existing utilities. 
Therefore, it was believed that additional costs 
would be incurred if these unknown utilities 
were encountered during microtunneling op
erations. The project was under a nine-month 
design schedule for the utility relocation, and 
the design consultant was directed to proceed 
with design using conventional. open trench 
construction and to provide staging, traffic 
management plans and construction sequenc
ing that would minimize adverse effects on 
North End businesses and residents. 

Several project criteria changes occurred 
during the design process that affected the use 
of open trench construction. The most signifi
cant criteria change was the implementation of 
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guidelines for construction impact mitigation. 
The initial principal objective of these guide
lines was to limit building settlement, vibration 
and groundwater drawdown. For vibration, 
buildings were assigned a structural category 
from I through IV that was based on an evalu
ation of the type of structure. Limiting values 
of vibration were then established based on the 
assessment of each structure's ability to with
stand the loads and displacements due to con
struction vibration. Unfortunately, the majority 
of the North End's older masonry buildings fell 
into the most restrictive category (IV). In some 
cases, this rating limited the vibration peak 
particle velocity to 3 millimeters/second (0.12 
inches/second). The contract specifications in
cluded a strong mandate to monitor construc
tion vibration and building conditions closely 
and to stop work when architectural damage to 
historic structures occurred or when damage to 
non-historical buildings started to occur. 

Structure settlement criteria were based on 
the tolerable amount of angular distortion that 
each particular building or structure could 
withstand. Slight damage to historic buildings 
was avoided based on the building's age, con
dition, construction and foundation type. Since 
many of these buildings were set on granite 
rubble foundations, excavation support wall 
deflection criteria and allowable differential 
settlements were set to be very restrictive. 

Last, preventing detrimental effects on adja
cent facilities was the basis for setting limits for 
groundwater drawdown. The design ac
counted for site-specific subsurface conditions, 
anticipated construction procedures and de
tailed information regarding structures within 
the zone of influence of construction. In many 
cases, the groundwater drawdown limits were 
restricted to no more than 0.6 meter (2 feet) of 
lowering outside the excavation support sys
tem. 

These three construction mitigation criteria 
significantly affected the design and construc
tion of the excavation support systems for the 
deep sewers. Larger soldier piles with closer 
spacing and additional horizontal supports 
were necessary to meet these criteria. In addi
tion, seepage control would need to be ad
dressed by using more costly cement grouting 
or jet grouting to create a seepage barrier be-
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hind the timber lagging. Thus, the excavation 
support system costs increased nearly 100 per
cent. 

Another consideration related to any open 
excavation work pertained to complying with 
Occupational Health and Safety Administra
tion (OSHA) regulations. The contractor would 
need to comply with OSHA regulations for 
trench support, access anq. egress, exposure to 
vehicular traffic, exposure to falling loads, 
emergency rescue equipment, stability of adja
cent structures, fall protection and competent 
person provisions. Each of these issues could 
become a significant undertaking with work 
associated with the utility installations in the 
congested urban setting of downtown Boston. 

Design documents were completed and put 
out to bid using conventional open cut con
struction techniques. As the construction pro
gressed, underground utility conflicts were oc
curring in virtually every excavation 

· undertaken by the contractor. After evaluation 
of the above issues, the contractor proposed to 
use trenchless technologies and was supported 
by the project team. 

Construction Considerations 
The relocation of utilities for the new Central 
Artery tunnel in the North End was bid in four 
separate construction contracts. Two early con
tracts were awarded to move the utilities that 
were in conflict with the mainline construction 
work or that needed to be relocated in advance 
of construction. On other utility relocation con
tracts under construction, the project was in
curring significant claims from ·contractors due 
to existing utility conflicts and unknown utility 
locations that were prevalent in the downtown 
Boston area. To mitigate the potential for 
claims, the project team required the contractor 
to perform a subsurface utility engineering inves
tigation to find the exact location of utilities 

· prior to construction. 
Subsurface utility engineering is a new tech

nology that offers designers and engineers a 
methodology to determine the exact location of 
underground utility lines prior to design or 
construction. It provides substantial insight 
into the utility unknowns prior to construction 
since it combines geotechnical prospecting 
technologies, vacuum excavation, conven-



FIGURE 2. Non-destructive air-vacuum excavation with compressed air knives and vacuum 
excavators is used to locate the horizontal and vertical depth of existing utilities. 

tional surveying techniques and digital map
ping into one service. It is broken down into 
three individual tasks described as: 

• Designation; 
• Location; and, 
• Data management. 

This approach minimizes the risk of damage to 
utilities and provides a work program that 
makes available horizontal and vertical data in 
the form of electronic files to design and con
struction personnel and alerts them to the spe
cific locations of buried facilities. 

Designation. The designation process in
volves obtaining the approximate horizontal 
location of subsurface utilities using various 
utility detection methods such as electromag
netic, radio frequency, magnetic and/ or direct 
induction. 

Location. Locating the utility lines involves 
the use of non-destructive air-vacuum excava
tion at key locations identified during the des
ignation process (see Figure 2). The use of com
pressed air knives and vacuum excavators 

ensures the integrity of the utility line during 
the excavation process. The exploration holes 
are round in shape and approximately 0.3 me
ter (1 foot) in diameter, thus eliminating the 
need for shoring since the holes are not meant 
for human entry. When uncovered, the line is 
measured and located (horizontally and verti
cally) using conventional survey methods. This 
technique verifies the horizontal and vertical 
location of the utility line. 

Data Management. Data management in
volves the processing of horizontal and vertical 
utility location information from the designat
ing and locating operations. The information 
obtained is stored in a digital file. The typical 
vehicle for digital storage of information is a 
computer-aided drafting and design (CADD) 
file, which facilitates the use of the information 
during design and, in the case of this project, 
during construction. 

The combination of excavation support sys
tem requirements, considerations for construc
tion impact mitigation and information gath
ered as part of the subsurface utility 
engineering phase offered the contractor the 

CIVIL ENGINEERING PRACTICE SPRING/SUMMER 1996 99 



FIGURE 3. A view of the microtunneling staging area jacking pit. 

opportunity to use microtunneling techniques proposed relocating two water mains over the 
to install a 1,200-millimeter {48-inch) diameter existing combined sewer and microtunneling 
combined sewer in Medford Street, which is a the new 1,200-millimeter (48-inch) sew~r at a 
two-lane road 8 meters (26 feet) wide with a distance of 0.3 meter (1 foot) from the existing 
face-to-face distance between buildings of 12 combined sewer. The existing shaft to construct 
meters (38 feet). The existing utilities in Med~ the junction chamber was used as a jacking pit 
ford Street include a 600 x 900 millimeter (24 x and then modified to accommodate the 360 
36 inch) combined sewer, three water mains, a metric ton (400 ton) design jacking forces (see 
200-millimeter (8-inch) diameter gas main, and Figure 3). Three-meter (10-foot) lengths of fiber
underground conduits for electric and tele- glass-reinforced plastic pipe were used for the 
phone service. The proposed utility work re~ jacking. pipe. The pipe was. designed with a 
quired installing a 1,200-millimeter {48-inch) SO-millimeter (2-inch) wall thickness to with
diameter combined sewer, three new 400-milli- stand the jacking forces for the 110-meter (350-
meter (16-inch) diameter water mains, a 200- foot) installation length. 
millimeter (8-inch) diameter gas main, and coh- A tunnel boring machine was used to micro-
duits for traffic signals. tunnel through the soils that generally con-

Due to the narrow width of the street, the sisted of 3.1 to 4.6 meters (10 to 15 feet) of fill 
original design called for the construction of the , underlain by 4.6 to 10.7 meters (15 to 35 feet) of 
1,200-millimeter (48-inch) diameter combined organic deposits (see Figure 4). The tunneling 
sewer in the same location as the existing com- system can cope with a wide range of soil con
bined sewer. This required complete bypassing ditions from soft clay through silts, gravels and 
of flows for the existing sewer and all service rock - with or without groundwater ~ using 
connections. By using subsurface utility engi- the same cutting head. T):,.e shield has a cone
neering, several small location holes were exca- shaped crusher that produces a very high 
vated to determine the exact outside location of torque and an eccentric rotation of the cone. The 
the existing combined sewer. The contractor rotation crushes excavated material (including 
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FIGURE 4. The tunnel boring machine used to install the 1.2-meter (48-inch) combined sewer. 

cobbles/bbulders up to 30 percent of the ma
chine's diameter) between the cone and outer 
body of the shield. 

As the shield is pushed forward, the soil is 
compacted into the face of the machine where 
the cone crushes the soil and forces it through 
the throat of the shield and into a slurry cham
ber. Bentonite slurry is used to pump the exca
vated material to the surface into holding tanks 
that separate the bentonite excavated material 
for reuse. Fifty-millimeter (2-inch) diameter 
grout ports were installed in each pipe to pump 
a bentonite slurry to lubricate the exterior of the 
pipe during the jacking operation. Slurry pres
sure was measured at the face of the tunnel 
boring machine and was adjusted to balance for 
the soil and· groundwater pressures. Line and 
grade were monitored by laser, with alignment 
and deviation displayed on the control panel 
screen in the operations station. 

· Settlement points were installed on the road
way surface · at 15-meter (50-foot) intervals 
along the centerline of the pipe alignment and 
at 3 meters (10 feet) to each side. Any deviation 
in excess of 12 millimeters (0.5 inches) would 

require adjustment in the slurry pressure to 
control surface movements and. to minimize 
impacts to adjacent utilities. The tunneling op
eration for the 110~meter (350-foot) long sewer 
took 14 days to complete. 

This relocation effort has demonstrated that 
installing utilities in an urban area using trench~ 
less techniques is both feasible and cost effec
tive. When these techniques are used in combi
nation with subsurface utility engineering, 
conflicts with existing utilities can be mini

. mized. The greatest concerns regarding exist
ing underground utility locations could then be 
addressed with a high degree of success. 

Microtunneling is currently being consid
ered on the next utility relocation contract to 
install a 1,700-millimeter (66-inch) diameter 
combined sewer and three 400-millimeter (16-
inch) diameter water mains under the Sum
ner/Callahan tunnels. Also, trenchless tech
niques are being considered to install a 
1,700-millim.eter (66-inch) diameter combined 
sewer and a 760;-millimeter (30-inch) diameter 
water main across North Washington Street. 
The use of trenchless techniques at these loca-
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tions will reduce traffic detours, eliminate lane 
closures, reduce time of construction and re
duce the need for costly excavation support 
systems. Other locations will be considered 
once the subsurface utility engineering is com
pleted during the design phase. 

Summary 
The design and construction of utilities on the 
CA/T Project has shifted from using conven
tional open excavation techniques to using 
trenchless technologies. Through the use of sub
surface utility engineering methods, the loca
tions of existing utilities can be accurately deter
mined both horizontally and vertically with 
minimal impacts to the surface. Such an accu
rate means of locating existing utilities permits 
constructing sewers and other new utilities to 
within 0.3 meter (1 foot) of existing systems. 

The use of trenchless techniques in an urban 
environment offers the following advantages: 

• Using subsurface utility engineering tech
niques during the design phase (to locate 
underground existing utilities) eliminates 
the need for expensive excavators and 
back-hoes in test pit excavations, thereby 
minimizing damage to existing utility 
components. 

• With reliable existing utility information, 
new utilities can be designed using 
trenchless techniques with a closer sepa
ration from existing utilities (if needed). 

• It can reduce the effects of traffic, vibra
tion and groundwater drawdown at a 
construction cost competitive to open ex
cavation construction. 

• The method decreases the amount of soil 
settlement and adverse effects to adjacent 
buildings. 

• It can speed up the negotiating and per
mitting process with agencies, munici
palities and utility companies. 

• Trenchless techniques can eliminate 
safety hazards and minimize service dis
ruptions due to utility lines being unex
pectedly severed. 

• In many cases, there is little need to per
form temporary utility relocations due to 
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conflicts with open trenches or relocation 
due to the age of existing utilities. 

Project constraints limiting building settle
ment, vibration, groundwater drawdown and 
excavation support criteria became significant 
undertakings with the work associated with 
the utility installations on the CA/T Project. 
The project team has looked to trenchless tech
nologies to solve many problems in construct
ing utilities in an urban setting. New technolo
gies for the location of existing utilities will 
allow engineers and contractors to construct 
new utilities at closer separations and reduce 
the risk of any disruption of service. The expe
rience gained on the CA/T · Project has pro
vided the engineering confidence required to 
advance the use of trenchless techniques on 
other urban projects in the future. 
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GUNTHER ENGINEERING, INC. 
Consulting Civil Engineers and Land Surveyors 

Gunther Greulich, PLS, PE 

Tel (617) 350-0350 
Fax (617) 350-0340 

268 Summer Street 
Boston, MA 02210 

1 : 1 ~ i i = J ~~!e~!:~~LiA~!'! 
John Hancock Totver 34th Floor Boston, Massachusetts 02116 

617 267-6710 FAX 617 236-1233 

Architecture 
Planning 
Landscape Architecture 
Aviation Facilities 

Structural Engineering 
Transportation Engineering 
Environmental Engineering 

Civil Engineering 

LEA 
GROUP 
INCORPORATED 

ENGINEERS / ARCHITECTS / PLANNERS 

75 Kneeland Street. lln,ton. I\Iassach1he1ts 02111 

Telephone 16171 -126-6]00 

ht, No. (o 17) 4X2-5%o 
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Fay, Spofford & Thorndike, Inc. 
Engineers• Planners • Scientists 

TRANSPORTATION SYSTEMS· WATER SUPPLY 
SEWERAGE· DRAINAGE· BRIDGES· AIRPORTS 

PORT AND INDUSTRIAL FACILITIES 
ENVIRONMENTAL IMPACT STUDIES AND PERMITS 

Burlington, ,MA 
(617) 221-1000 

Boston, MA 
(617) 426-8666 

Bedlord, NH 
(603) 669-2000 

Newington, CT 
(203) 666-7831 

GEOSCIENCES·TESTING 
AND RESEARCH, INC. 

~ 
I~ 

!y,,daliring in fynanic omJ &me 
Te.ting &Ana/y>is tf Deep Foundafms 

55 Muldlesex Slrea, Mail Box 225 
North O,e/msford, M4 01863 

Tel: (508) 251-9395 
Fax: (508) 251-9396 

P. GIOIOSO & SONS, Inc. 
tJe-ud ~ St«a 1962 

58 Sprague Street 
Hyde Park, Massachusetts 02136 

(617) 364-5800 

FRANK GIOIOSO 

Harclaaty & Hanover, LLP 
conaultlng engineers 

STRUCTURAL CML MECHANICAL ELECTRICAL 

BRIDGES v HIGHWAYS 

RAIL v MASS TRANSIT 

1501 Broadway, New York. NY 10036 
212-944-1150 fax, 212-391-0297 

;ilso offices m Hoboken NJ M1<1mt Lakes FL Springfield VA 

38 Chauncy Street 
Boston, MA 02111 

(617) 482-7080 

Traffic & Civil Engineering 
Transportation Plan~ing 
Management Consulting & Training 
Public Involvement 
Conference & Workshop Planning 

• Women-owned Business 

1 O East 21st St., Suite 1501 
New York, NY 10010 

(212) 420-0386 

A.G. Lichtenstein & Associates, Inc. NEW JERSEY 
NEWYORK 

PENNSYLVANIA 
MASSACHUSETIS 

CONNECTICUT 

Consulting Engineers 

Bullard Building 
l2IrvingSl!cel 

Framingham, MA 01701 
Tel. (508) 879-2772. Fa.x (508) 879-7813 

_OHIO 
FLORIDA 

HIUIH,I S 111(,11\\ \\SH \II\\ \\S IIISIOIU< SIH.l C 11 IU S ll\:\IS 



MARITIME ENGINEERING CONSULTANTS, INC. 
PORT & HARBOR • COASTAL & OCEAN • STRUCTURAL 

JOHN GAYTHWAITE, P.E. 
CONSULTING ENGINEER 

155 PINE STREET 
MANCHESTER, MA 01944 

(508) 526-4071 

=-=====-========= M: J! =====--
====== Metcalf &Eddy =-~ 
======== 30 Harvard Mill Square ___ - _-_-_-_-= Wakefield, Massachusetts 01880 ---

(61'7) 246-5200 ====--=-----=------=------

aeeesee== PARSONS 

JUDITH 
NITSCH 
ENGINEERING 
INC. 
Civil Engineers 
Planners 
Land Surveyors 
One Appleton Street 
Boston.MA 02116 
617-338-0063 
Fax 617-338-6472 

~ ~~ BRINCKERHOFF 
- !RPs 

The First Name in· Transportation 

120 Boylston Street 
Boston, MA 02116 
617-426-7330 Offices Worldwide 

Asal A. Qazilbash & Associates 
120 Beacon Street 
Boston, Massachusells, 02136·3619 
Tel: (617)·364·5361,4349,4754 
Fax: (617)-364-2295 

Geotechnical • Environmental • Civil • Structural 

Planning . Investigation • Reports . Design . Construction 

Buildings . Highways & Bridges • Dams 
Airports . Waterfront . Ports 

Site Assessments . Hazardous Wastes • Infrastructure 

■ STV Incorporated 
engineers architects planners construction managers 

Transportation 
Buildings 

Infrastructure 
Studies and Analyses 

230 Congress St, Boslo11, MA 02110 Tel.. 617/482-7298 
Oflu (' l.//Clllio111 rlr1//11~//(J/t/ 1/re C//f/1/{I \" 

Professional Services 

• MONTGOMERY WATSON 

o Water Supply and Treatment 
o Wutewater Collection/Treatment 
o Sludge Management 
o CSO Controls 
o Hazardous Waste Remediaticin 

Serving lhe World'.r Envlronnunial Needs 

40 Broad Street, Suite 800, Bosto~ MA 02109 617 338-7100 

Norwood 
ETigh,rering 

Norwood Engineering Co., Inc, 
Consulting Engineers 
and Surveyors 

Matthew D. Smith, P,E, 
Vice President 

1410 Route One• Norwood, Ma. 02062 • (617) 762-0143 

95 State .Road • Box 207 • Sagamore Beach, Ma. 02562 • (508) 888-0088 

PARSONS MAIN1 INC. 

ARCHITECTS/ENGINEERS/CONSTRUCTORS 
NEARLY A CENTURY OF SERVICE 

PRUDENTIAL CENTER, BOSTON, MA02199 / 617 262-3200 
BOSTON/ CHARLOTTE/ NEW YORK/ _PASADENA 

Professional Stone Deposit Evaluations 
Cost-Effective Subsurface Investigation 

Geotechnical Troubleshooting 
Concise Concrete Petrography 

Steven J. Stokowski Reg. Prof. Geologist 
10 Clark St. Ashland, Mass. 01721 (508) 881-6364 

TAMS 
Engineers, Architects and Planners 

TAMS Consultants, Inc. 
38 Chauncy Street 
Boston, MA 02111 
(617) 482-4835 Fax (617) 482-0642 

Additional offices worldwide 

Aiiports 

Bridges 

Buildings 

Highways 

Trunsil 
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TECHNICAL EDUCATION PROMOTION 

EMILE W. J. TROUP, P.E. 
CONSULTANT 

STEEL DESIGN AND CONSTRUCTION 

TEL. (617) 828-9408 
FAX (617) 828-2557 

P.O. BOX 663 
CANTON, MA. 02021 

URS 
URS CONSULTANTS, INC. AN INTERNATIONAL 

ARCHITECTS• ENGINEERS• PLANNERS ~~SJl~~SERVICES 

38 CHAUNCY STREET 
BOSTON, MASSACHUSETTS 02111 

TEL: (617) 542-4244 
FAX: (817) 542-3301 

LEE MARC G. WOLMAN 

CIVIL. ENGINEER 

172 CLAFLIN STREET 

BELMONT, MASSACHUSETTS 02178 

(617) 484-3461 

Professional Services 

Weston & Sampson Environmental 
Consultants 
since 1899 E N G I N E E R S, I N C. 

Five Centennial Drive, Peabody, MA 01960 
Tel: 508.532.1900 Fax: 508.977.0100 
Offices in Connecticut and Rhode Island 

1#3f zALLEN 
ENGINEERING 

1101 Worcester Road 
Framingham, MA 01701 

Tel. 508 I 875-1360 

Investigation of 
Structural Failures 

Investigation of 
Problem Structures 

Consulting in 
Structural Engineering 

Call for Papers 

In Civil Engineering Practice we are seeking to capture the spirit and substance of contemporary civil 
engineering practice in a careful selection of articles which are comprehensive in scope while remaining 
readily understandable to the non-specialist. Typically using a case-study approach, Civil Engineering 
Practice places key emphasis on the presentation of techniques being applied successfully in the analysis, 
justification, design, construction, operation and maintenance of civil engineering works. 

Civil Engineering Practice welcomes practice-oriented papers on topics in all civil engineering fields. All 
papers are subject to peer review and are scheduled for publication in the next available issue (the typical 
period from acceptance to publication is six months to one year). For more information, author guidelines, 
or to submit papers, contact: Cynthia Chabot, Chair, Journal Editorial Subcommittee, Gannett Fleming, 150 
Wood Rd., 4th Fl., Braintree, MA02184; (617) 380-7750. 

For More Copies 
If you want extra copies of the special focus 
issue of Civil Engineering Practice on the Central 
Artery /Tunnel Project, fill out this form and 
send it with payment to: Civil Engineering Prac
tice, BSCES, The Engineering Center, 1 Walnut 
St., Boston, MA 02108-3616. Copies cost $12.50 
each, plus $2.50 for postage & handling. Dis
counts available for orders of 10 or more copies. 

Name: ______________ _ 
Address: _____________ _ 

City: ________ State: ___ _ 
Zip: _____ Phone: ______ _ 
Number of Copies: __ X $12.50: ___ _ 

Postage & Handling: .±.$2.5Q 
Total Enclosed: _______ _ 
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Join the oldest engineering society in the United States 

Membership 
• Builds relationships, offering networking opportunities and business referrals 
• Offers leadership opportunities in Society activities 
• Conveys professionalism 
• Saves you money with member discounts on meetings and seminars 
• Represents our profession on local legislative and regulatory issues 
• Is an advocate for improving the public image of civil engineers 
• Maintains local awareness of current events with monthly newsletter 
• Keeps members current in their technical field 

Seminars and technical meetings 
Complimentary subscription to BSCES Journal: Civil Engineering Practice 

For more information on BSCES, contact: 
Boston Society of Civil Engineers Section / ASCE 

The Engineering Center 
One Walnut Street 
Boston, MA 02108 

(617)227-5551, Fax (617)227-6738 

CIVIL ENGINEERING PRACTICE 

Founded in 1848, and having merged with the American Society of Civil Engineers in 1974, 
the Boston Society of Civil Engineers is the oldest engineering society in the United States. 
Examination of the Society's history yields a proud record of involvement and leadership 
in both technical and professional endeavors within the civil engineering profession.. Un
derlying the activities of the Society since its founding is a firm resolve to provide the means 
for civil engineers to communicate advances in the art and science of civil engineering. The 
creation of the Journal in 1914 resulted from that resolve, and Civil Engineering Practice 
demonstrates our continued commitment. 

In Civil Engineering Practice we are seeking to capture the spirit and substance of contempo
rary civil engineering practice in a careful selection of articles which are comprehensive in 
scope while remaining readily understanda,ble to the non-specialist. Typically using a 
case-study approach, Civil Engineering Practice places key emphasis on the presentation of 
techniques being applied successfully in the analysis, justification, design, construction, 
operation and maintenance of civil engineering works. 

CIVIL ENGINEERING PRACTICE SPRING/SUMMER 1996 111 



Company . ...... . 

Ammann & Whitney 

Anderson-Nichols & Co. Inc. 

Barnes & Jarnis . . 

Beta Engineering 

Black & Veatch .. 

Bryant Associates 

The BSC Group 

BSCES Membership Committee . . 

Camp Dresser & McKee Inc. . 

Bruce Campbell & Associates 

Childs Engineering Corp. 

Coler & Colantonio . . 

Earth Tech ........ . 

Edwards & Kelcey Inc. . . 

Fay Spofford & Thorndike Inc .. 

Kevin Foley C.P.E. . . . . . . . . 

GEi Consultants . . . . . . . . . 

Geosciences Testing & Research . 

The Geotechnical Group 

Geraghty & Miller Inc. 

P. Gioioso & Sons Inc. . 

Guild Drilling Co. Inc. 

Gunther Engineering . . . 

GZA GeoEnvironmental Inc .. 

Haley & Aldrich Inc. 

Hardesty & Hanover 

HOR Engineering . . 

Advertisers' Index 

.Page Company 

. .107 HNTB .. 

.107 Howard/Stein-Hudson Assoc. 

. 107 Jacobs Associates 

. 107 Laxfield Corp. . . . . . . . . . . 

. . .107 LEA Group . . . . . . . . . . . . . 

. 106 A.G. Lichtenstein & Associates 

.107 Maritime Eng. Consultants . . 

. .111 Metcalf & Eddy . . . . . . . . . 

. 107 Modern Continental Construction 

.107 Modern Continental Construction 

. .107 Montgomery Watson . . . . . . . 

. .107 Judith Nitsch Engineering Inc. . . 

.107 Norwood Engineering ...... . 

105 Parsons Brinckerhoff Quade Douglas 

.108 Parsons Main . . . . . . . . 

.108 Asaf A. Qazilbash & Assoc. 

.104 SEA Consultants Inc. . . . . 

.108 Stone Products Consultants 

.105 STV ...... . 

.108 Sverdrup. Civil . . . . . 

.108 TAMS ......... . 

C~2 Emile W.J. Troupe P.E. 

.108 URS Consultants ... 

. .106 Vanasse Hangen Brustlin Eng. 

.105 Weston & Sampson Engineers . 

.108 Lee Marc G. Wolman . 

.104 Zallen Engineering ...... . 

.P.age 

.1D8 

.1D8 

.1D6 

.. 2 

.1D8 

.1D8 

.1D9 

.1D9 

.. 4 

.C-3 

.1D9 

.1D9 

.1D9 

.1D9 

.1D9 

.1D9 

.C-3 

.1D9 

.1D9 

.1D5 

.1D9 

.1.10 

.1.10 

. . 4 

.1.10 

.1.10 

.1.10 

112 CIVIL ENGINEERING PRACTICE SPRING/SUMMER 1996 



Our approach to construction is simple: 

~MODERN 
~CONTINENTAL 
OBAYASHI• 

A JOINT VENTURE • 

Hard work 

conquers tough jobs; 

honest business 

practices 

yeild quality 

results. 

148 state Street, Boston, MA 
617-227-4242 

88 Broad Street, Boston, MA 
617-423-9444 

S E A Consultants Inc. 
Scientists/Engineers/Architects 

I Water Resources Management 

■ Water Pollution Control 

I Architectural Plarri,g & ~ 

■ Interior Desi!,11 

■ Solid & Hazardous Waste Management 

■ Hydrogeolog'f 

■ Stte Planrilg & D6Yelopment 

■ Environmental~ 

I Geotechnical Engileering 

■ Structural Engineering 

I Traffic & T~lll Engineemg 

485 Massachwsetts Avenue 
Cambridge, MA 02139 
6171497 7800 

750 Old Main Street, Suite 100 
Rocky Hil~ CT 06067 
203/ 563 7775 

Lonikmderry Square, Suite 310 
75 Gilcrest Road 
Londonderry, NH 03053 
603/ 434 5080 




