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Issues 

Understanding the Nature 
of Engineering 
Decision-Making 

Poor engineering decisions can 
have disastrous results. How are 
engineering decisions made? And, 
most importantly, just what 
constitutes a sound decision? 

P. AARNE VESILIND 

E NGINEERING failures often become 
front page news. Bridges are not 
supposed to collapse. Space vehicles 

are not supposed to explode. Waste treatment 
plants are not supposed _to aggravate the 
problem of waste disposal. Power plants are 
not supposed to fail. Such failures are remark
ably rare, a fact that makes the occasional 
failure front page news. In most cases, failures 
occur because somewhere someone made an 
unfortunate decision and decision-making is, 
of course, an integral part of engineering 
practice. 

Any engineering project of whatever 
scope encompasses within its implementation 
a series of decisions made by engineers. On 
occasions, some of these decisions turn out to 
be poorly made. However, a far greater 

number of decisions - made hundreds of 
times a day by hundreds of thousands of 
engineers - are correct and enhance the 
integrity of the profession. Since so few 
decisions lead · to unfortunate or catastrophic 
results, the reaching of engineering decisions 
is a little known or discussed process. 

There are various methods of determining 
engineering decisions, ranging from objective 
and quantifiable analyses to subjective and 
qualitative analyses. A review of these 
methods of reaching decisions is instrumental 
in understanding how decisions are made, 
how they might go "wrong," and as a means 
for engendering further discussion. 

Technical Analysis 
Little need be said about technical decisions, 
except perhaps to point out what most prac
ticing engineers already know quite well, 
namely that there seldom is "one best way" 
to design anything. If there were a best way, 
then technical paralysis would set in -
engineering would be stagnant, and innova
tion would cease. Just as we recognize that 
there is no single perfect work of art such as a 
painting, there is no perfect bridge. If there 
were a perfect bridge or painting, all bridges 
and all paintings would look alike.1 

A fundamental part of professional train-
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ing may inculcate this approach to reaching 
decisions. Undergraduate engineering 
students are taught for several years that each 
homework assignment and test question has 
a single "right" answer, and that all other 
answers are "wrong." They must learn that in 
engineering practice, a problem may have 
many equally correct technical solutions based 
on differing technical decisions. A bridge may 
be constructed of wood, steel, aluminum, or 
from many other materials. As long as correct 
engineering design procedures are followed, 
such a bridge would carry the design load, 
and thus would be technically correct. 

One characteristic of technical decisions 
is that they can be checked by other engi
neers. Before a design drawing leaves an office, 
it is checked and re-checked to make sure 
that the technical decisions are correct; i.e., the 
structure/machine/process will function as 
desired if it is built according to the design 
specifications. Technical decisions thus are 
clearly quantifiable and can be evaluated and 
checked by other competent professional 
engineers. 

However, the pressures of modern prac
tice dictate that not only must the engineer
ing decisions be efficient (minimum energy or 
materials or time) but also economical (min
imum cost). While technical calculations can 
answer the former, the latter requires a 
different form of engineering decision-making 
- cost-effectiveness analysis. 

Cost-Effectiveness Analysis 
Engineers often find themselves working for 
an employer or client who requires that 
various alternatives for solving an engineering 
problem be analyzed on the basis of cost. For 
example, if a municipality is constructing a 
water main to bring drinking water into the 
community, the size of that main must be 
determined by the engineer. This decision is 
based on a cost comparison between a large 
(expensive) pipe and low pumping costs or a 
smaller (less expensive) pipe and higher 
pumping costs. The lowest total cost alterna
tive would be the most rational decision for 
the municipality. 

Such decisions are based on a cost-effec
tiveness analysis. But suppose several alter-
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native courses of action also have different 
benefits to the client? Is it not possible to 
incorporate these benefits in the cost-effective
ness analysis in order to be sure that the most 
effective use is made of scarce resources? 

Benefit/~ost Analysis 
In the 1940s, the Bureau of Reclamation and 
the U.S. Army Corps of Engineers battled for 
public dollars in their program to expand the 
use of dams in America. In order to convince 
Congress of the need for major water storage 
projects, a technique called benefit/cost analysis 
was developed. At face value, this technique 
is both useful and uncomplicated. If a project 
is contemplated, an estimate of the project's 
derived benefits is compared in ratio form to 
its cost. Should this ratio be greater than 1.0, 
the project is clearly worthwhile. This tech
nique also provides a means 'to rank a project, 
since the project with the highest benefit/cost 
ratio should be constructed first because 
it will provide the greatest return on the 
investment. By submitting their projects to 
such an analysis, the Bureau and the Corps 
could argue for increased expenditure of 
public funds, and could rank the proposed 
projects in order of priority. 

As in the case of cost-effectiveness 
analysis, the calculations in benefit/cost 
analyses are in terms of dollars - each benefit 
and each cost are expressed in monetary 
terms. For example, the benefits of a canal 
would be calculated as monetary savings in 
transportation costs. However, some benefits 
such as clean air, flowers, white-water canoe
ing cannot be easily expressed in monetary 
terms. Yet, these benefits are very real and 
should somehow be included in benefit/cost 
analyses. 

The solution is simply to force monetary 
values on these benefits. For example, in 
estimating the benefits for man-made lakes, 
recreational benefits are calculated on the basis 
of what people would be willing to pay for 
such a facility. There are, of course, many 
difficulties in determining monetary values 
for benefits that do not have an intrinsic 
monetary value. The value of a dollar varies 
substantially from person to person, and some 
persons benefit a great deal more than others, 



yet all may share in the cost. Because of the 
problems involved in estimating such benefits, 
recreational benefits can be bloated in order 
to make the benefit/cost ratio appear as favor
able as possible. It is thus possible to justify 
almost any project as long as the benefits can 
be adjusted as needed. 

In addition there may be "reverse" 
benefits, or disadvantages to a project. Such 
disadvantages may range from the aesthetic 
to results that may have ill effects on human 
health - the loss of a trout-fishing stream to 
foul odors, littered streets or polluted ground
water. 

Often the benefits of a proposed project 
are not such simple items as recreational 

. values, but the more serious concern of human 
health. When life and health enters such 
benefit/cost calculations, the analyses are 
generally referred to as risk/benefit/cost 
analyses to indicate that people are at risk. In 
the past few years, these analyses have 
become more widely known simply as risk 
analyses. 

Risk Analysis 
It is clearly the responsibility of government 
to protect the lives of its citizens against 
foreign invasion or criminal assault. It also 
then follows that it is equally a responsibility 
of government to protect the health and lives 
of its citizens from potential dangers such as 
falling bridges, toxic air pollutants and con
taminated groundwater. However, govern
ments from the federal to local levels work 
within limited budgets. In addition, limited 
budgets must be distributed among the full 
range of governmental responsibilities so as 
to achieve the greatest common good. 

However, is this distribution what is really 
desired? And, concomitantly, can a satisfactory 
distribution be achieved? Suppose, for 
example, it is cost effective to spend more 
money and resources in order to make coal 
mines safer than it is to conduct heroic rescue 
missions if accidents occur. It might be more 
"risk-effective" to put the money into mine 
safety, eliminate all rescue squads, and simply 
accept the few accidents that will inevitably 
occur. In this case, trapped miners would 
then be left on their own since there would 

be no rescue teams. However, the net effect of 
this course of action would be that more 
miners' lives would be saved overall via 
preventing more accidents. 

Douglas MacLean argues that this conclu
sion is unacceptable since human life 
possesses a sacred or priceless value.2 He does 
not mean that infinite resources have to be 
directed at saving lives, but rather that one of 
the sacred rituals of our society is the attempt 
to save people in acute or critical need, such 
as crash victims, trapped coal miners, etc. 
Thus, purely rational calculations might not 
lead us to conclusions that we find acceptable. 

Some federal and state agencies use risk 
analysis in projects where the benefit is a life 
saved. For example, if a certain new type of 
highway guard rail is to be installed, it might 
be possible that its use would reduce the 
expected highway fatalities by some number. 
If a value is placed on each life, the total 
benefit can be calculated as the number of 
lives saved times the value of life. For example, 
the National Highway Traffic Safety Commis
sion values a human life at $64,000. Coming 
up with such a number is an undeniably 
tricky business, but once done engineering 
decisions on highway safety can be systemati
cally made. 

Risk assessment is also useful as a tool in 
environmental management, where the im
position of controls would be used as a means 
of responding to various risks. Unfortunately, 
such calculations are fraught with great 
uncertainty. For example, the National 
Academy of Sciences report on saccharin 
concludes that over the next 70 years the 
expected number of cases of human bladder 
cancer resulting from daily exposure to 120 
mg of saccharin might range from 1 per 0.22 
to 1 per 1,444,000 people.3 That is quite an 
impressive range, even for toxicologists. The 
problem is that we have to extrapolate data 
over many orders of magnitude, and often the 
data are not for humans but for other species, 
thus requiring a species conversion. Yet, the 
governmental agencies are increasingly placed 
in positions of having to make decisions based 
on such spurious data. 

Environmental risk analysis, or risk 
assessment as some prefer to call it, takes 
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place in seven steps:4 

1. Define the source and type of pollut
ant of concern. 

2. Identify the pathways and rates of 
exposure. 

3. Identify the receptors of concern. 
4. Determine the potential health impact 

of the pollutant on the receptor; i.e., define 
the dose/response relationship. 
5. Decide what impact is acceptable. 
6. Calculate the maximum allowable emis

sion. 
7. Determine what technology is necessary 

in order to attain the maximum allowable 
emission. 

Wastewater treatment plant sludge 
disposal is one continuing and pressing 
problem often faced by civil engineers. There 
are only a limited number of methods avail
able to communities for the ultimate disposal 
of wastewater sludges, including ocean 
disposal, give-away programs, disposal into 
landfills, and disposal on land, either agricul
tural or non-agricultural. In addition, incinera
tion is being discussed presently by the Office 
of Water at the Environmental Protection 
Agency as a disposal option. Incineration as a 
method of sludge treatment results in a 
residue (the ash) requiring ultimate disposal 
itself. It is no different from any other unit 
operation used in wastewater treatment, such 
as anaerobic digestion, composting, or even 
screening. Nevertheless, incineration is 
presently being studied as a disposal option. 

Using sludge incineration as an example 
of risk analysis, the first step is to identify the 
types of pollutants. Clearly, every chemical in 
sludge is a potential problem, and thus a 
screening procedure is needed that identifies 
certain potential problem chemicals such as 
cadmium, chromium, and various aromatic 
hydrocarbons. Next, the pathways and rates 
of transmission must be determined. The most 
likely pathway would be the emissions 
impacting people living in the vicinity of the 
incinerator, and their inhalation of polluted 
air. The usual case is to assume a person 
weighing 70 kg who lives directly downwind 
from the incinerator for 70 years and never 
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leaves to get a breath of fresh air. The expected 
concentrations can be estimated by using 
various Gaussian dispersion models developed 
by EPA. For each of the pollutants, the dose/ 
response curve must be determined for that 
unfortunate individual. In some cases, these 
curves are fairly well established; in others 
they are broad estimates based on animal 
studies and meager environmental data, 
extrapolated many orders of magnitude. 
Toxicologists recognize two general types of 
dose/response curves: curves with threshold, 
and curves without a threshold. Given these 
curves, the acceptable impact is determined. 

Next, a decision must be made as to what 
impact is acceptable. If it is determined that 
the chemical in question has a toxic threshold, 
the reference air concentration (RAC), or that 
concentration at which the individual at risk 
receives an acceptable dose of that chemical, 
is calculated as: 

RAC= [(RfDi*BW)-TBI]l[la*REJ 

where: 

RAC= reference air concentration, 
mg/cubic meter, or (acceptable 
pollutant intake per day, mg/day)/ 
(air inhalation rate, cubic meters/ 
d.ay) 

RfDi = reference dose for inhalation (mg/kg 
body weight/day) or that dose 
which is estimated to be without 
effect to sensitive people over a 
lifetime 

BW = body weight, kg, taken as 70kg 

TBI = total background intake rate from 
all other sources mg/day 

Ia= air inhalation rate, cubic meters/day, 
taken as 20 cubic meters/day 

RE = relative effectiveness of the inhala
tion exposure when compared to all 
other types of exposures, unitless 

Most of these terms can be quantified 



with a fair degree of accuracy, at least within 
one order of magnitude. The one exception is 
the reference dose for inhalation, which must 
be estimated from either laboratory animal 
data or epidemiological information. 

The second type of exposure calculation 
assumes that there is no such thing as a 
reference dose for inhalation, but rather that 
any intake of the pollutant of concern can 
produce a health effect, however small. The 
most common chemicals in this group are the 
carcinogens. The reference air concentrations 
that might be considered acceptable for these 
pollutants is calculated as: 

RAC= [ ((RL *BW)/q)-TBI]l[Ia*REJ 

where: 

RAC= reference air concentration, 
mg/cubic meter 

RL = risk level, unitless, calculated as the 
number that corresponds to the risk 
of a single individual over a lifetime 
of exposure. For example, if RL=10·6, 

then the risk is to one person out of 
a million people. 

BW = body weight, kg, taken as 70kg 

q = human disease potency of the chem
ical, (mg/kg body weight/day)E-1, or 
the slope of the dose response curve 

TBI = total background intake, mg/day 

Ia= air inhalation rate, cubic meters/day 

RE = relative effectiveness of inhalation 
exposure, unitless 

The key parameter here is the risk level. 
Is a risk of one in a million acceptable? Based 
on these calculations, the maximum allowable 
pollutant loading is determined, and the 
necessary control strategies are identified. 

In the case of all these risk analyses, the 
benefits are to humans only, and they are 
short-term benefits. Likewise, the costs deter
mined in the cost-effectiveness analysis are 

real budgetary costs -:- money that comes 
directly out of the pocket of the agency. Costs 
related to environmental degradation, and 
long- term costs that are very difficult to 
quantify, are not included in these calcula
tions. The fact that long-term and environ
mental costs can nowhere be readily con
sidered in these analyses, coupled with the 
blatant abuse of the benefit/cost analysis by 
several agencies, makes it necessary to bring 
into action another decision-making tool -
environmental impact analysis. 

Environmental Impact Analysis 
On January 1, 1970, President Nixon signed 
into law the National Environmental Policy 
Act (NEPA) that was intended to " ... 
encourage productive and enjoyable harmony 
between man and his environment." As with 
other imaginative and ground-breaking legi
slation, the law contained many provisions 
that were difficult to implement in practice. 
Nevertheless, it provided a model for 
environmental legislation that was soon 
adopted by most countries in the western 
world. 

NEPA set up the Council for Environ
mental Quality (CEQ) which was to be a 
watchdog on federal activities as they 
impacted the environment, and the CEQ was 
to report directly to the President. The vehicle 
by which the CEQ would monitor significant 
federal activity impacting the environment 
was to be a report, called the Environmental 
Impact Statement (EIS). This lightly regarded 
provision in NEPA, tucked away in Section 
102, stipulates that an EIS is to be written first 
in draft form by the federal agency in 
question for each project that might signi
ficantly impact the environment. The EIS is 
then to be submitted for public comment, and 
finally it would be rewritten taking into 
account public sentiment and comments from 
other governmental agencies. When complete, 
the EIS is to be submitted to the CEQ which 
then makes recommendations to the Presi
dent as to the wisdom of undertaking that 
particular project. 

The impact of Section 102 of NEPA on 
federal agencies was traumatic, since they 
were not geared up in manpower or in 
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training to draft these statements. Nor were 
they psychologically able to accept this new 
mandate which they viewed as a restriction 
on their activities. Thus, the first few years of 
the EIS were tumultuous, with many environ
mental impact statements being judged for 
adequacy in courts of law. Conflict arises 
when the cost-effective alternative, or the one 
with the highest benefit/cost ratio also results 
in the greatest adverse environmental impact. 
Decisions have to be made, and quite often 
the benefit/cost analysis wins out over the 
environmental impact analysis. Nevertheless, 
it is significant that since 1970 the effect of a 
project on the environment must be con
sidered, whereas before 1970 these concerns 
were never acknowledged, much less included 
in the decision-making machinery. The legi
slation's intent is that if the adverse environ
mental impact is indeed very high, the CEQ 
will recommend to the President to cancel the 
project, regardless of what the benefit/cost 
ratio is. 

In practice, the agencies tend to conduct 
internal environmental impact studies and 
propose only those projects that have both a 
high benefit-to-cost ratio and a low adverse 
environmental impact. Most environmental 
impact statements are thus written as a 
justification for an alternative that has already 
been selected by the agency as the one it 
wishes to undertake. 

But even when the EIS is as complete as 
possible, and the data have been gathered 
and evaluated as carefully as possible, con
clusions concerning the use of the analysis are 
open to severe differences. For example, the 
EIS written for the Alaska oil pipeline re
presents 14 feet of work when all the volumes 
are placed in a single pile. After the com
pletion of all that effort, good people on both 
sides drew diametrically opposite conclusions 
on the effect of the pipeline. The trouble was 
that they were arguing over the wrong thing.5 

They were arguing about how many caribou 
would be affected by the construction of the 
pipeline, while their disagreement was 
actually how deeply they cared that the 
caribou were affected by the pipeline. For a 
person who does not care about the caribou, 
the impact is zero; while those who are 
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concerned about the herds, and the long
range effects on the sensitive tundra ecology, 
care very much. What then is the solution? 
How can engineering decisions be made in 
the face of conflicting values? Such decisions 
require another type of engineering decision
making - ethical analysis. 

Ethical Analysis 
Before embarking on a discussion of ethical 
analysis, it is necessary to define quite clearly 
what is meant by ethics. The popular opinion 
is that an ethical person, for example, is a 
"good" person, a person with high moral 
standards. However, this definition reflects a 
misconception of ethics. 

Ethics, in fact, represents a systematized 
framework for making decisions where values 
conflict. The selection of the nature and 
function of that decision-making machinery 
depends on one's own moral values. Both the 
cost-effectiveness analysis and the benefit/cost 
analysis are methods · for making decisions 
based primarily on money. Risk analysis 
calculates the potential damage to health, and 
environmental impact analysis provides a 
means for decision-making based on long
term effects on resources. Similarly, ethics is a 
framework for decision-making, but the para
meters of interest are not dollars or environ
mental data, but values. 

It then follows that since ethics is a 
system of decision-making, an ethical person 
is one who makes decisions based on some 
ethical system. For example, if one chooses to 
observe a system of ethics that maximized 
personal pleasure (i.e., hedonism), it would be 
correct (ethical) for him/her to make all 
decisions so that personal pleasure would be 
maximized. One would, in that case, push old 
ladies off benches so one could sit down, or 
cheat on tests because this decreases one's 
required homework time and maximizes 
grades. Provided one adopts hedonism as the 
accepted mode of behavior, as one's ethic, 
one would be acting ethically in these cases. 

There are, of course, many other systems 
of ethics that result in actions that most 
civilized people consider more acceptable 
norms of social behavior. Some of these 
ethical theories are suited for application in 



arriving at engineering decisions that involve 
conflicts in values. 

Some Major Systems of Ethics 
Western ethical thinking has developed along 
two major lines: 

• consequentialist ethics 
• deontological ethics 

In consequentialist ethics, an act is judged on 
the basis of its consequences. If the desire is 
to maximize good, then the act that creates 
the greatest good is correct. The most influ
ential consequentialist ethical theory is 
utilitarianism, in which all actions are judged 
on the basis of the total happiness achieved. 
The so-called utilitarian calculus allows for the 
calculation of happiness for all alternatives 
being considered. Choosing the alternative 
that produces the highest level of happiness 
defines an ethical act. Since the happiness of 
all human beings involved is summed, such 
calculations often dictate a decision where the 
moderate happiness of many results in the 
extreme unhappiness of a few. Benefit/cost 
analysis can be considered to be utilitarian in 
its origins since money is presumed to equate 
with happiness. 

The supporters of consequentialist 
theories argue that these are the proper rules 
for human conduct since they promote 
human welfare - that to act simply on the 
basis of some set of rules without reference to 
the consequences of these actions is irrational. 
Agreeing with Aristotle, utilitarians argue that 
happiness is always chosen for its own sake, 
and thus must be the basic good that we all 
seek. Since utilitarian calculus provides for 
that calculation, it is viewed as the proper tool 
for decision-making where conflicting values 
are involved. 

The second group of ethical theories, the 
deontological theories, emphasize the act and 
not its consequence. Supporters of these 
theories hold that acts must be judged as 
good or bad, right or wrong, in themselves, 
regardless of the consequences of these acts. 
An early system of deontological rules is the 
Ten Commandments. Possibly the best 
known deontological system is that of 

Immanuel Kant (1724-1804) who suggested 
the idea of the categorical imperative - the 
concept that one develops a set of rules and 
always follows these rules. Only then can that 
person be acting ethically, since it is the act 
that matters. 

Supporters of deontological theories 
argue that consequentialist theories permit 
and often encourage the suffering of a few for 
the benefit of the many, and that this is 
clearly an injustice. For example, they assert 
that consequentialist theories would welcome 
the sacrifice of an innocent person if his death 
were to prevent the death of others. In 
contrast, Kantians argue that if killing is 
wrong, then the mere act of allowing one 
innocent person to die is wrong and immoral. 

The utilitarians counter by arguing that 
often a "good act" results in net harm. A 
trivial example would be the question from 
your roommate/spouse/friend: "How do you 
like my new hairdo/shirt/tie/etc?" Even if you 
honestly think it is atrocious, the "good act" 
would be to tell the truth since one is never 
supposed to lie. Would a white lie not result 
in the greater good, ask the utilitarians? The 
deontologists respond that it is wrong to lie 
even though it might hurt short-term feelings, 
since telling the truth may create a trust that 
would hold fast in times of true need. 

An interesting and useful extension of 
Kantian ethics is the principle of universaliz
ability - a simple test for the rationality of a 
moral principle. In short, this principle holds 
that if an act is acceptable for one person, it 
must be equally acceptable for others. For 
example, if one considers lying acceptable 
behavior for himself or herself, everyone 
should be allowed to, and is in fact expected 
to lie. Similarly, if one person decides that 
cheating on an exam is acceptable, then 
he/she agrees, by the principle of universaliz
ability, that it is perfectly acceptable for 
everyone else to cheat also, a clearly irrational 
situation. 

The idea of universalizability is closely 
linked to the well-known "golden rule" 
principle that appears in almost all ancient 
religious writings, usually in its reverse form: 
"Do not do unto others that which you would 
not wish for them to do to you." This 
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philosophy is sometimes known as situation 
ethics, where the decision is not based strictly 
on the goodness of the act or its con
sequences, but on your love and caring for 
others. Clearly, this philosophy no longer 
obeys the strict deontological principle, since 
rules can be broken, but neither is it a 
consequentialist theory since the act is still of 
paramount importance. 

A second theory that straddles the two 
extreme ethical principles, and introduces a 
new element into the question, is existentialism. 
Along with situation ethics, existentialism 
recognizes the uniqueness of each situation, 
but imposes a moral responsibility on the 
individual to make the moral choices within 
an otherwise meaningless universe. Existen
tialists believe that moral judgment and 
ethical responsibility are the responsibility of 
each individual, since there are no universal 
rights or wrongs, and it is cowardly to accept 
contrived ethical theories as tools for decision
making. On the surface, existentialism clashes 
with universalizability, but this conflict is not 
strictly valid. We do not have to deny our 
own humanity in order to accept equal 
treatment from our fellow humans. 

There are many more systems of ethics 
that could be discussed, and that have 
relevance to the environmental engineering 
profession, but it should be clear that tradi
tional ethical thinking represents a valuable 
source of insight in one's personal search for 
his/her own professional ethics. 

All of the ethical systems considered 
above have been developed for assisting 
human beings to live with one another. The 
moral community, or those individuals with 
whom we would need to act ethically, as 
treated by the philosophies mentioned above 
includes only humans. But we obviously are 
not the only inhabitants on earth. Should the 
moral community be extended to include 
other animals, plants, inanimate objects such 
as rocks, mountains, and even places? If so, 
should we also extend the moral community 
to our progeny who are destined to live in the 
environment we create? 

Such questions are being debated and 
argued in a continuing search for what has 
become known as environmental ethics - a 
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framework that will allow us to make 
decisions within our environment, decisions 
that will concern not only ourselves but the 
rest of the world and future generations as 
well. 

This development in ethical thinking is 
perhaps as revolutionary as the recognition 
only a century ago that slaves are also 
humans and must be included in the moral 
community. Aristotle, for example, did not 
apply ethics to slaves since they were not, in 
his opinion, intellectual equals. We now 
recognize that his was a hollow argument, 
and today slavery is considered morally 
repugnant. It seems likely that in the not too 
distant future, the moral community will 
include the remainder of nature as well and 
we will include nature in our ethical decision
making machinery. 

This revolutionary concept was initially 
publicized not by a philosopher, but by a 
forester. Aldo Leopold (1887-1948) defined the 
environmental ethic, or as he called it, the 
land ethic, as an ethic that " ... simply enlarges 
the boundaries of the community to include 
soils, waters, plants and animals, or collectively 
the land."6 He recognized that both our 
religious as well as secular training had created 
the view that humans and the rest of nature 
were in conflict. Our traditional view is one 
where nature has to be subdued and con
quered, and that nature is something powerful 
and dangerous against which we have to 
continually fight. He posited that a rational 
view of nature would lead us to an environ
mental ethic that would " ... change the role of 
Homo Sapiens from conqueror of the land 
community to plain member and citizen of 
it." He went so far as to propose a definition 
for the environmental ethic, thus providing a 
basis for decision-making by suggesting that 
" ... a thing is right when it tends to preserve 
the integrity, stability, and beauty of the biotic 
community. It is wrong when it tends other
wise." 

Leopold was, in fact, questioning the age
old belief that humans are special, that 
somehow we are not a part of nature, but 
pitted against nature in a constant combat for 
survival, and that we have a God-given role 
of dominating nature, as specified in Genesis. 



Much as later philosophers, and people in 
general, began to see slavery as an untenable 
institution and recognized that slaves be
longed within our moral community, suc
ceeding generations may recognize that the 
rest of nature is equally important in the 
sense of having rights. This idea is tied to the 
notion of the intrinsic value of nature, the 
concept that all of nature has value other than 
its instrumental value, which can be measured 
in dollars and/or the support nature provides 
for our survival (e.g., the production of oxygen 
by green plants). If nature is indeed perceived 
as having values that cannot be measured in 
dollars, then the use and abuse of natural 
environments becomes a "cost" that can be 
measured only in terms of moral values. In 
this case, decisions are based on ethics 
grounded in the search for the greatest 
universal good. 

Conclusions 
The methods of decision-making available to 
engineers stretch from the most objective 
(technical) to the most subjective (ethical). 
Over this range, decisions become increasingly 
less quantitative and more subject to the 
personal tastes, prejudices and concerns of 
the decision-maker. A legitimate question 
would be at what point do these decisions 
cease being true engineering decisions? 

Not a few prominent engineers have 
argued eloquently that the only true engi
neering decisions are technical decisions, and 
the other concerns should be left to some 
undefined decision-maker for whom the 
engineer works and who presumably has the 
training and background for making these 
decisions of which the engineer is not capable. 
Such a view would free the engineer of all 
judgment (other than technical) and make 
him/her a virtual smart robot, working at the 
behest of the client/employer. The social 
consequences of how his/her actions affect 
society at large is of little interest as long as 
the client/employer is well served. In effect, 
under this viewpoint the engineer works in 
vacuo, with decisions delegated elsewhere. 
Problems occur when the delegation is unclear 
or misunderstood, or where those who have 
delegated authority to make decisions lack 

sufficient technical expertise to evaluate data. 
Fortunately, most engineers will not 

accept such avoidance of responsibility. They 
recognize that engineering, perhaps more 
than the other professions, can make a 
difference.7 Projects involving environmental 
change or manipulation will invariably need 
the services of the professional engineer. 
He/she is thus morally obligated, as perhaps 
the one indispensable cog in the wheel of 
progress, to seek the best technical, eco
nomical and ethical solutions. This task is a 
responsibility from which the engineering 
profession dare not shirk. In the words of 
Jerome B. Wiesner, former president of M.I.T., 
writing for the National Academy of Engi
neering:8 

"The societal consequences of tech
nology should be integral to the engineer's 
intuitive powers - as integral as calculus, 
computer programs, strength of materials, 
and the many other things that are part of 
the engineer's tool kit." 

Wiesner alludes to a continuity of decision
making. In fact, it should be apparent that all 
the decision-making methods discussed above 
fall into a continuum, and all are legitimate 
engineering tools. The engineer can certainly 
design the beam to hold the desired load, but 
the engineer should also ask if it is right that 
this beam be there in the first place. Even 
though this is a difficult question to answer, it 
is nevertheless a legitimate engineering 
decision. 
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Design Considerations 

The Role of Ductility 
in Seismic Design 

If the technical bases of building 
code provisions for seismic 
design loads are not thoroughly 
understood, the use of the code 
will not necessarily result in a 
sound structural design. Some 
level of ductility must be 
provided. 

DAVID 0. KNUITUNEN 

E ARTHQUAKE loadings on structures 
are complex, and the dynamic, inelastic 
response of real structures to intense 

earthquake shaking tends to be extremely 
difficult to analyze and understand. Building 
codes, which usually present seismic design 
provisions in terms of pseudo-static loadings 
and elastic analysis, insufficiently emphasize 
the technical bases of these provisions. In 
particular, the importance of ~eismic detailing 
requirements, which are intended to ensure 

I 

the ductility of a structure, can be easily 
misunderstood by those who must interpret 
the codes. Engineers are used to thinking of 
ductility as a desirable attribute of structural 
systems, but secondary in importance to such 
attributes as strength and stiffness. In seismic 

design, however, ductility plays a fundamental 
role in determining the level of force for which 
a structure must be designed. Even though 
ductility is essential to code-based seismic 
design, this fact is rarely explicitly stated, or 
sufficiently explained, in building codes. 

While not denying the usefulness of a 
detailed analysis of structural response to 
earthquake loads, a qualitative examination of 
the dynamic behavior of some very simple 
structural models can help in achieving a "gut 
feeling" for the seismic behavior of structures, 
including the role of ductility in limiting 
seismic design loads. The use of response 
spectra as a simple, approximate means of 
dynamic structural analysis for seismic load
ings presents a more quantitative example of 
the fundamental importance of ductility 
provisions in code-based seismic design. 

The Nature of Seismic Loadings 
The behavior of structures subjected to earth
quake loads is complex. Earthquake ground 
motion typically contains many cycles of 
rapidly varying acceleration, each with a 
different amplitude and a different duration 
(see Figure 1). The intensity of shaking during 
strong earthquakes is sufficient to push most 

· structures into the inelastic range, which 
greatly complicates their analysis. Inelastic 
time-history analyses of realistic three-dimen
sional structures are rarely undertaken in a 
practical design-office environment, primarily 
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FIGURE 1. An earthquake ground acceleration record. 

due to the modeling complexities and the 
immense amounts of computer time that are 
involved. Even if such an analysis were under
taken, it would only furnish the response of a 
building to a particular earthquake. A future 
earthquake may prove much more damaging. 

Because of the practical impossibility of 
exact seismic load analysis, earthquake
resistant design is presently based on various 
approximate methods. One such method uses 
response spectra, which are derived from basic 
physical principles and from empirical 
observations of the effects of various earth
quakes on structures of different natural 
periods.1•2 However, the more common 
approach, which is currently implemented in 
most building codes, is to use some fairly 
simple formulas to determine a design base 
shear and to distribute this shear vertically to 
the various levels of the building. Methods of 
elastic analysis are then used to distribute 
these pseudo-static forces to the various 
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elements of the structure.3,4 

Unfortunately, this form of code-based 
analysis tends to obscure the dynamic and 
inelastic characteristics of the response of real 
structures to major earthquakes. In particular, 
the role of inelastic behavior and ductility in 
determining static loadings, although funda
mental, is rarely explicitly stated in code 
formulations. 

Simplified Models 
for Structural Response 
The qualitative analysis of some very simple 
structures, such as those illustrated in Figures 
2 through 6, can be very helpful in achieving 
a "gut feeling" for the response of structures 
to earthquake loading. In these examples, a 
simple idealization of a single-story portal 
frame is analyzed. The girder is assumed to be 
rigid, so that all bending occurs in the 
columns. Also, the mass of the entire structure 
is assumed to be lumped at the floor level. 
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FIGURE 2. A rigid structure subject to base acceleration. 

This type of structure is presented since its 
behavior is very easy to visualize. However, 
the principles derived from its analysis can 
also apply to braced frame or shearwall build
ings. In their most general terms, these 
principles can apply to more realistic, multi
story structures as well. 

Response of Elastic Structures 
to Ground Accelerations 
If the columns of a portal frame were com
pletely rigid, and the structure were subjected 
to an acceleration of its base, the shearing 
force in the structure would be equal to the 
mass of the structure times the acceleration of 
the base (see Figure 2). If the direction (sign) 
of the base acceleration changed, the direction 
of the inertial force would change instantan
eously, and the V = ma relationship would 
remain true. Thus, the maximum force exper
ienced by a rigid structure would always be 
exactly equal to the maximum base accelera
tion times the mass of the structure. 

When a more realistic, elastic structure is 
subjected to a base acceleration, its supports 
will flex and the mass will initially lag behind 
the base (see Figure 3). The initial shearing 
force in the supports is equal to the displace
ment of the mass relative to the base times 
the stiffness of the supports. For example, for 
the portal frame shown in Figure 3: 

V= kt:. 

The elastic stiffness of the system, k, is 

determined by: 

where: 

E = the modulus of elasticity 

!col = the moment of inertia of the column 

h = the height of the column 

Restated, the formula for the shearing force is: 

The mass of the structure is subjected to 
an acceleration, a: which is initially less than 
the base acceleration, a. Equilibrium requires 
that the inertial force be equal to the shear in 
the supporting structure: 

ma'= kt:. 

Initially, kt:. is less than the mass times the 
ground acceleration. 

For an earthquake-type ground motion, 
a, a' and t:,. change with time. When the direc
tion of the base motion changes, the mass of 
the elastic structure tends to keep moving in 
the original direction, producing a whiplash 
effect. Due to this sort of dynamic response, 
the maximum elastic forces experienced by 
the structure can be much higher than the 
product of the mass and the maximum accel-
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FIGURE 3. An elastic structure subject to base acceleration. 

eration of the ground. 
For most structural models, some degree 

of damping should be included (see Figure 4). 
The damping effect adds another term to the 
balance of forces equation: 

ma'= kLi -cv 

where: 

c = the coefficient of damping, 

v = the velocity of the mass of the struc
ture, which has a positive sign if it is 
in the same direction as a~ 

The damping coefficient is a measure of 
the energy dissipation that occurs in a struc
ture due to such factors as internal friction in 
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FIGURE 4. An elastic structure with damping. 
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connections. Since the damping force always 
tends to resist the motion of the structure 
relative to its base, the presence of damping 
reduces the maximum value of structural 
response to seismic load. 

The amount of damping present in a 
structure is usually expressed as the ratio of 
the actual damping coefficient to the critical 
damping coefficient. Typical structural damp
ing ratios used in seismic design vary from 5 
to 10 percent, although values from 1 to 20 
percent may be appropriate in certain cases.2 

Limitation of Seismic 
Forces Due to Yielding 
An elasto-plastic structure is one that behaves 
like an elastic structure up to a determined 
yield limit. At that point, plastic deformation 
takes place, and the system begins to deflect 

I 
ma 

V=kA 
.. 

CV .. 
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FIGURE 5. An elasto-plastic structure. 

continuously without any additional load. This 
deformation continues until the structure 
eventually collapses or the material ruptures 
or buckles. The available ductility, or ductility 
capacity, of the structure can be defined as 
the total deflection at collapse or rupture 
divided by the elastic deflection at first yield 
(see Figure 5). 

An elasto-plastic structure subjected to a 
base acceleration initially responds like an 
elastic system. However, if the deflection, !J., 
exceeds the yield deflection, !J.Y, the shear 
levels off at the yield limit (see Figure 6). 
Larger forces cannot be developed in the 
structure. Put another way, it is not necessary to 
design the structure for larger forces. 

The structure shown in Figures 5 and 6 
becomes unstable after the plastic hinges form. 
If the acceleration continued in the same 
direction for an extended period of time, the 
structure would collapse. However, earth
quake accelerations do not remain constant, 
but change direction rapidly. When the accel
eration reverses, the deflection of the mass 
relative to the ground lessens and the struc
ture unloads as indicated in Figure 6. 

For the structure to remain safe after 
yielding has commenced, the maximum in
elastic deflection that occurs in the structure 
during the earthquake (the response) must be 
less than the deflection required to cause the 
structure to collapse. If the required ductility, 
µreq' is defined as the maximum actual deflec
tion response divided by the· deflection at 
yield, then the available ductility in the struc-

ture must be ensured to be at least equal to 
the ductility required, or demanded, by the 
earthquake: 

For a given earthquake ground motion, 
the force that the structure must be able to 
resist elastically is inversely related to the 
available ductility, which is the basis for code 
provisions that prescribe a lower design force 
for structures with higher levels of ductility. 
However, the converse of this rule is also true. 
For a given earthquake, the lower the available 
resistance (strength) of the structure, the 
higher the level of ductility that will be 
demanded if the structure is not to collapse. 

For more complex structures and for 
actual, reversible earthquake loadings, while 
the concept of ductility becomes much more 
complex to define with precision,5 the basic 
result is the same. Seismic design forces can 
be reduced where high levels of inelastic 
deformation are possible. However, the struc
tural detailing must be consistent with the 
level of ductility that is assumed, explicitly or 
implicitly, in the design. 

Structures designed to have extremely 
high levels of ductility, with correspondingly 
low elastic resistance, will experience large 
inelastic deflections when an earthquake 
occurs. Since these deflections can cause 
extensive damage to non-structural compon
ents, they must be taken into account in the 
design of highly ductile structures. Large 
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FIGURE 6. An elasto-plastic system subject to base acceleration (a); and unloading of an 
elasto-plastic system (b). 

inelastic deflections can also contribute to 
significant P-A effects, which should be taken 
into account in the structural design. 

Multi-Degree-of-Freedom Structures 
The simple, one-story structures presented so 
far are examples of single-degree-of-freedom 
structures, or simple oscillators (see Figure 7). 
Their dynamic characteristics can be com
pletely described in terms of a single fre
quency or period of vibration (which is simply 
a function of the mass and stiffness of the 
structure), and for damped systems by a single 
damping ratio. 
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The analysis of simple oscillators is useful 
for developing an intuitive feel for dynamic 
behavior. In addition, the responses of a 
number of simple oscillators can be added 
together to derive the response of a more 
complicated multi-degree-of-freedom system 
using the method of mode superposition (see 
Figure 8). 

Any displacement pattern of a structure 
with N degrees of freedom can be expressed 
in terms of N modal displacement patterns, 
which represent possible free-vibration 
responses of the structure. Each modal dis
placement pattern has a fixed shape in which 
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FIGURE 7. Illustration of typical simple oscillators. 

the displacements of each degree-of-freedom 
remain in constant ratios. For any given 
dynamic loading, the response of the structure 
in each mode is completely defined by the 
mode shape and a single time-varying modal 
amplitude factor. In dynamic analysis, each 

mode of the real structure can be treated as 
an independent simple oscillator, with equiv
alent stiffness and mass that are functions of 
the actual stiffnesses and masses in the struc
ture and the mode shape. The time-varying 
responses of all modes can then be summed 
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to furnish the total response of the struc
ture.1,6,7 

Quite often, for complex structures, sum
ming the earthquake responses of only a few 
critical modes is sufficient to produce a fair 
estimate of the total response of the structure. 

Response Spectra 
It is possible to compute the maximum 
response of a simple oscillator of any specified 
period and damping coefficient from an earth
quake acceleration record. A response spec
trum is the plot of the maximum responses of 
a large number of oscillators of different 
periods to the same dynamic input (the earth
quake acceleration record). The response 
spectrum is a convenient way to represent 
maximum structural response to a dynamic 
loading. A response spectrum may be used 
for design by entering with the period of the 
structure and reading off the response, usually 
either the maximum displacement or the 
maximum elastic force in the structure. 
Maximum force is usually normalized by 
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dividing the mass of the oscillator to produce 
a quantity having units of acceleration, and 
referred to as pseudo or pseudo spectral accelera -
tion. Typical response spectra for earthquake 
loadings are shown in Figure 9. 

A given response spectrum can be plotted 
for only a single ground motion time-history 
(earthquake acceleration record) and for only 
a single damping ratio. Typically, as in Figure 
9, a family of curves is plotted for a particular 
earthquake acceleration pattern, one each for 
a range of damping values. Response spectra 
can also be plotted that take into account 
inelastic behavior. In this case, each curve also 
assumes some specific ductility ratio. 

Spectra are often plotted on 3-way log 
paper as shown in Figure 10. With such a plot, 
it is possible to directly read either the 
maximum deflection or the maximum force 
(usually normalized to pseudo acceleration). 

Actual earthquake response spectra 
typically appear jagged as revealed in Figures 
9 and 10, because small differences in the 
fundamental (undamped, natural) period can 
lead to rather large differences in response to 
an earthquake motion. Smoothed spectra such 
as those shown in Figure 11 have been 
developed using statistical techniques to 
average out the irregularities so that the more 
large-scale influence of period on response 
can be readily observed.2,s,9 Techniques have 
also been developed for constructing design 
spectra from a few basic properties of the anti
cipated ground motion.2,9 An example of one 
such design spectrum is shown in Figure 12. 
Design spectra such as that shown in Figure 
12 are made up of linear segments when 
plotted on 3-way log paper, and are derived 
by applying amplification factors to the 
maximum effective values of ground accelera
tion, velocity and displacement. The amplifica
tion factors are determined by a statistical 
analysis of the actual, computed response 
spectra. For a given set of amplification factors, 
there is a calculable probability that the 
maximum response predicted by the design 
spectrum will not be exceeded. 

Amplification factors for elastic design 
response spectra are functions of the assumed 
damping level in the structure. Techniques 
have been suggested for constructing inelastic 
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FIGURE 9. Typical earthquake response spectra. 

design response spectra from the elastic 
spectra for assumed levels of available 
ductility.2 · 

To use a response spectrum for the design 
of multi-degree-of-freedom structures, the 
designer enters the spectrum with the period 
of vibration and damping ratio of each signifi
cant vibration mode of the structure, and 
reads off the desired quantity: design force, or 
maximum deflection. These quantities are then 
converted into appropriate modal displace-

ment and force patterns using the usual 
methods of dynamic analysis by mode super
position. However, since the maximum 
responses of the structure in different modes 
generally do not occur at the same time, the 
modal responses from the response spectrum 
are usually not summed directly. Instead, the 
modal responses are summed by approximate 
methods based on the principle of mode 
su perposition.1

•
2
•
6 

The principle of mode superposition 
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strictly applies only to linear elastic structures. 
However, because of its convenience, the 
method is used often in conjunction with 
inelastic response spectra to estimate the 
response of structures in the inelastic range. 
This approximation is reasonably accurate for 
low levels of required ductility, providing the 
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incidence of yielding is well distributed 
throughout the structure.2 

The ground motion inputs to a design 
response spectrum (the maximum ground 
acceleration, maximum ground velocity and 
maximum ground displacement) may be taken 
from a single historical earthquake record. 
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However, no specified earthquake will 
represent the most critical possible loading for 
all types of structures. For this reason, spectra 
are often plotted for composite design earth
quakes. Such spectra attempt to combine the 
portions of the response spectra of various 
historical earthquakes that are most likely to 
cause high levels of damage to structures in 
each given frequency range. Therefore, they 
supply a much safer design than the spectrum 
of any specific actual earthquake.2,8,10 

It is important to remember that a 
response spectrum must be plotted: 

• for a specific earthquake ground motion 
(either an actual, historical earthquake or a 
composite "design earthquake"); 
• for a given level of damping; and 
• for a given level of assumed ductility, if 
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the spectrum is an inelastic response 
spectrum. 

Response Spectra & 
Code Seismic Design Forces 
Figure 13 shows the plots of two approximate 
design spectra derived from the ground 
motion characteristics of the 1940 El Centro 
earthquake in California. While the method 
used to plot the spectra follows the method 
that was suggested by Newmark and Hall,2 
the plots have been "delogged" since it is 
easier to view the relative values of the pseudo 
acceleration ordinates on a straight plot than 
on a 3-way log plot. The two spectra that 
have been plotted are an elastic design 
spectrum for 5 percent damping and the 
corresponding inelastic design spectrum for a 
ductility factor of 5 times the yield deforma-
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tion. A 5 percent damping ratio is the level 
that might pertain, for example, to a reinforced 
concrete or . a bolted steel structure within 
working stress levels, or a welded steel 
structure stressed to near the yield point. 2 

On the same figure, the pseudo accelera
tions implied by the 1985 Uniform Building 
Code (UBC) for K factors of 1.33 and 0.67 have 
been plott.ed. The UBC formula for base shear 
is:3 

V= ZIKCSW 

where: 

Z = the zone factor, reflecting the likelihood of 
strong earthquake shaking at the site 

I= the importance factor, determined by the 
intended function of the building 

K = a factor reflecting the probable level of 
ductility, determined by the type of struc
tural system 

C = the seismic response factor, determined 
by the estimated elastic properties of the 
structure 

S = a soil/structure interaction factor 

W = the total weight of the building 

Since the pseudo acceleration is the 
maximum shear in the structure divided by 
the mass and expressed as a multiple of g, the 
pseudo acceleration implied by the UBC base 
shear formula is simply derived by: 

PSa = ZIKCS 

In Figure 13, Z, I and S have been 
assumed to equal 1. C, as defined by the UBC, 
is a function of the period, T, specifically, C = 
1/(15*T·2). Because the design spectra represent 
forces at ultimate levels of stress, the curves 
based on the UBC have been multiplied by a 
load factor of 1.4. Typical safety factors used 
in practice for seismic design range from about 
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(1.33 x 0.6)-1 = 1.25 for steel structures to 1.4 for 
concrete structures.11,12 Therefore, the use of a 
1.4 factor minimizes the difference between 
the UBC and the spectral forces. 

Pseudo accelerations can be thought of as 
recommended design forces, expressed as a 
fraction of the dead weight of the structure. 
For any given period, T, the ordinate of one of 
the design response spectra yields the exact 
design force for a single-degree-of-freedom 
structure with a period equal to T. The 
ordinate also approximates the design force 
for a multi-degree-of-freedom structure with a 
fundamental period equal to T. The ordinate 
of the elastic response spectrum represents 
the maximum expected force that the struc
ture would be required to resist if yielding 
were not permitted. The ordinate of the 
inelastic spectrum represents the resistance 
that would be required if yielding were 
permitted up to a ductility ratio of 5. The 
corresponding ordinates of the UBC curves 
indicate the minimum capacity, or resistance, 
that would be expected to be found in a box 
type structure and a ductile moment frame of 
the same period if they were designed in 
accordance with the UBC. 

Two observations demand immediate 
attention when comparing the Code curves to 
the empirical design spectra. First, the general 
shape of the Code curves is not in particularly 
close agreement with that of the design 
spectra. The tails of the Code curves, which 
vary proportionally to 1/T0.s are much flatter 
than the empirical curves, which vary with 
1/T or 1/T2. Second, the Code forces are far 
lower than those given by the elastic design 
spectrum. 

For example, for a moment frame building 
in California with a period of 2 seconds, the 
UBC would specify an (ultimate) base shear of 
0.044 times the building's weight. The elastic 
response spectrum suggests that had the 
building been subjected to the El Centro 
earthquake and remained elastic, it might have 
experienced forces equal to about 0.24 times 
its weight, or more than 5 times the level of 
the UBC design forces. Similarly, an elastic 
analysis of a mid-rise concrete shearwall 
building, for which the fundamental period 
might be on the order of 0.3 to 05 seconds, 
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would produce design forces 3 to 5 times 
those specified by the UBC. 

Low code forces can be justified only if a 
high level of ductility is present in the struc
ture. However, due to the shape of the Code 
curves, it is not possible to determine the 
exact ductility level assumed in the Code. 
Most notable and, perhaps, surprising to many 
designers are the high ductility levels that are 
obviously necessary even for K = 1.33 
buildings. 

Ductility Capacity in Structures 
The determination of appropriate levels of 
ductility to assume in the design of complex 
structures is difficult and controversial,2,5,13,14 

Overall ductility depends, for example, not 
only on the ductility capacity of the individual 
structural members, but also on such factors 
as the sequence of plastic hinge formation in 
the structure, which in turn depends on the 
particular time-history of the loading. In fact, 
the common practice of assigning a single 
number to the ductility of complex structures 
is at best an approximation, even though it is 
one that is essential for seismic analysis using 
inelastic design response spectra. The theore
tical shortcomings of this practice have been 
pointed out, but it is widely accepted as being 
adequate for many practical types of 
buildings.2,5,14 Some specific suggestions have 
been made for typical ductility levels that can 
be expected in various types of structures. 
Representative values are 4 to 6 for carefully 
detailed concrete buildings; up to perhaps 8 
for properly detailed steel structures.2 

Ductility ultimately depends on the 
proper detailing of the structure, and in 
particular the joints and connections.15,16,17,18 

For a concrete structure, this detailing means 
such things as paying careful attention to 
minimum and maximum reinforcing ratios, 
thorough detailing of splices and anchorages, 
and confining concrete by closely spaced 
hoops or spirals in areas where inelastic 
behavior can be expected to occur. In a steel 
structure, members must be proportioned to 
avoid local buckling and joints must be 
stiffened to prevent stress concentrations that 
could lead to the premature fracture of welds. 
Connections that might not have sufficient 
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FIGURE 14. Lower member ductility requirements for a frame with plastic hinges in the 
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ductility must be strong enough to force yield
ing to occur in the main members. Members 
subjected primarily to axial stress should 
ideally be redundant, so that the buckling of 
one or several members will not cause the 
collapse of the entire structure. 

Code provisions mandating special detail
ing for elements of the seismic resisting system 
are thus generally intended to ensure that the 
required levels of ductility are present in the 
structure. 

Proportioning of members can also influ
ence the amount of available ductility. For 
example, a frame in which plastic hinges are 
allowed to form in the columns will require 
much higher member ductilities to achieve 
the same overall ductility than a similar frame 
in which plastic hinges are forced to occur in 
the girders (see Figure 14).16,17 

The designer must realize that ductility 
requirements apply in a seismic zone even if 
wind forces control a particular design. The 
designer determines whether wind forces 
control by comparing the wind shears and 
moments induced in the building with those 
derived from code formulas for seismic load. 
However, those code seismic forces assume a 
certain level of ductility that will be attained 

only if the code detailing provisions, and other 
ductility-related provisions, are followed. If 
the required level of ductility is not obtained, 
the "correct" seismic design loading would be 
significantly higher, and it is very likely that 
wind loading would no longer control. 

Conclusion 
There is a clear need to provide for ductility 
in seismic design and, in particular, in designs 
based on code earthquake forces. Ductility is 
not an auxiliary requirement in seismic design, 
it is a primary factor in determining the level of 
loading for which a building should be designed. If 
codes did not require structures to be ductile, 
it would be necessary to design for forces that 
could easily be 4 or 5 times larger than those 
presently specified. 

In principle, of course, it should always 
be possible to design structures to respond 
elastically to an earthquake, and therefore not 
require ductility. In seismic engineering 
literature, it has been traditionally assumed 
that designing a structure to remain elastic 
would never be economical because the 
required design force levels would be so high. 
This assumption may not necessarily always 
be true. In areas where seismic forces are 
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expected to be relatively low, reducing 
ductility requirements with a corresponding 
increase in design load may pose an econ
omically preferable option.19 However, even in 
such circumstances, there is a strong argument 
for maintaining some degree of ductility in 
structures in seismic areas as a buffer against 
the uncertainties inherent in seismic design. 

Seismic loadings are probably the most 
highly uncertain loadings known to structural 
engineering. It is impossible to predict the 
maximum likely level of seismic excitation of 
a structure with any certainty. Ductile struc
tures are more forgiving than non-ductile 
structures of mistakes in loading assumptions 
or in elastic analysis. Ductile structures can 
redistribute forces during local overloads 
where a non-ductile structure might collapse. 
For this reason, given the uncertainty of 
predicting seismic loads, some level of ductility 
should be provided in all buildings in seismic 
zones, no matter what level of force is used in 
design. 
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Case Study 

Investigation and 
Hydraulic Containment 
of Chemical Migration: 
Four Landfills 
in Niagara Falls 

Cleaning up hazardous waste 
sites is a complex process that 
requires extensive and flexible 
site study, and remedy 
assessment and implementation. 

ROBERT M. COHEN, RICHARD R. RABOLD, 
CHARLES R. FAUST, JAMES 0. RUMBAUGH, III, 
& JONATHAN R. BRIDGE 

I NEXPENSNE hydroelectric power has 
attracted industry to Niagara Falls, New 
York, since the late 1800s. In addition, 

large chemical manufacturing firms have 
operated plants in Niagara Falls for most of 
this century. Throughout that period, the 
disposal of chemical wastes by shallow land 
burial has been common practice. As a result, 
numerous hazardous waste landfills are 
located in the Niagara Falls area (see Figure 
1). 

Following media attention given to Love 
Canal in the late 1970s and the enactment of 
the Superfund program in 1979, considerable 
resources have been expended to identify and 
contain chemical migration from uncontrolled 
hazardous waste sites. Responses to environ
mental contamination problems generally 
proceed in three overlapping phases consisting 
of: remedial investigation (RI); assessment of 
remedies, sometimes referred to as a feasibility 
study (FS); and implementation of the selected 
remedy. 

Remedial investigation objectives include: 
site characterization; determination of the 
nature, extent and rate of chemical migration; 
assessment of impacts on public health, wel
fare and the environment; and acquisition of 
data necessary to conduct the FS. During the 
drafting of the FS, alternative remedies are 
developed and evaluated, usually on the basis 
of technical effectiveness, feasibility and cost. 
The FS cost/benefit analysis culminates in the 
selection and design of a remedy. Implementa
tion of a remedy and a long-term monitoring 
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FIGURE 1. Locations of waste disposal sites in Niagara Falls. 

program usually follow the RI/FS. However, 
due to the uncertainties associated with each 
response phase, the remedial process is 
typically iterative whereby additional studies 
and actions are undertaken as a better under
standing of actual site conditions is achieved. 

Remedial investigations have been con
ducted at several landfills in Niagara Falls and 
corrective actions have been taken at a few of 
these sites. Each phase of the remedial process 
has proven to be time-consuming and costly, 
in part, due to the varied and complex condi
tions that exist at these sites. Nevertheless, an 
overlying consistency in purpose and proce
dure has emerged during the ten years of 
investigation and clean-up of chemical migra
tion from landfills in Niagara Falls. Remedial 
investigation surveys and containment 
remedies used and proposed for the Love 
Canal, S-Area, Hyde Park and 102nd Street 
landfills exemplify the state-of-the-art in 
managing uncontrolled hazardous waste sites. 

Disposal Operations 
Hooker Chemicals & Plastics Corporation 
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(which is now known as Occidental Chemical 
Corporation and is referred to here as OCC) 
buried chemical wastes at the Love Canal, 
102nd Street, S-Area and Hyde Park landfills 
between 1942 and 1975. The Olin Chemical 
Corporation also used the eastern portion of 
the 102nd Street site for waste disposal during 
that period. Estimated quantities of different 
types of wastes buried at each site are given 
in Table 1. Although not listed in Table 1, of 
particular concern is the presence of 2, 3, 7, 
8-tetrachlorodibenzo-p-dioxin (2, 3, 7, 8-
TCDD), a highly toxic byproduct of 2, 4, 5-
trichlorophenol production. An estimated 0.66 
to 1.65 tons of TCDD isomers were buried at 
Hyde Park alone.3 

Love Canal was excavated in the 1890s to 
enable the generation of hydroelectric power 
for the development of a "model" manufac
turing city. Excavation of the proposed 6 to 7 
mile long canal had barely begun, with 
approximately 3,000 feet dug just north of the 
upper Niagara River, when the project failed 
in 1896. Prior to its use for waste disposal, the 
abandoned canal was approximately 3,000 feet 



TABLE 1 

Estimated Quantities & Types of Buried Wastes 

Estimated Quantity (Tons) 

Type of Waste Love Hyde 102nd 
or Category Canal Park S-Area St. 

Ch lorobenzenes 2,000 16,500 19,900 
Benzylchlorides 2,400 3,400 1,600 
Benzoylchlorides 800 6,200 3,300 
Thionyl Chloride 500 4,100 
Trichlorophenol 200 3,300 200 
Liquid Disulfides, MCT, 

and Chlorotoluenes 700 2,600 2,200 
Misc. Chlorinations 1,000 1,600 400 
Metal Chlorides 400 100 900 
Misc. Acid Chlorides 400 1,200 400 
BHC Cake Incl. Lindane 6,900 2,000 300 
Dodecyl Mercaptans, 

Chlorides & Misc. Org. 
Sulphur Compounds 2,400 4,500 600 

Sulfides/Sulfhydrates 2,000 6,600 4,200 
C-56 & Derivatives 5,600 17,400 
Thiodan 1,000 700 
HET Acid 2,100 500 
Na Hypophosphite Mud 1,000 20,000 
BTFs & Derivatives 8,500 
Dechlorane 200 
Calcium Fluoride 400 
Mercury Brine Sludge 100 
Inorganic Phosphorus 100 1,300 
Organic Phosphorus 4,400 200 LT 100 
Phenol Tars 800 
Brine Sludge & Gypsum 53,200 
Tetrachlorobenzene 2,327 
BHC, Trichlorophenol, 

Trichlorobenzene, 
& Benzene 2,000 

Na Chlorite Black Cake 18,673 
Graphite 742 
Lime Sludge 22,978 
Brine Sludge 67,186 
Miscellaneous 2,000 7,300 5,700 2,200 

Estimated Total 22,000 80,000 63,000 200,000 

Source: Ref. 2 
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FIGURE 2. Aerial photo taken on 10/14/51 
showing the Love Canal and 102nd St. 
landfills. 

long, 40 to 100 feet wide, and 8 to 15 feet deep. 
OCC both widened and deepened portions of 
the canal, and excavated pits outside of the . 
canal to bury approximately 22,000 tons of 
chemical wastes between 1942 and 1953 (see 
Figure 2). 

The 102nd Street landfill is adjacent to 
the upper Niagara River just south of Love 
Canal (see Figure 2). OCC disposed of 
approximately 77,000 tons of wastes on the 
western 15.6 acres of the 22-acre site from 
about 1943 to 1971. During a similar time 
period, Olin dumped an estimated 66,000 tons 
of wastes on its eastern portion. Ten to 15 feet 
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of wastes were deposited on top of the site's 
low-lying land, raising the ground surface up 
to the grade of Buffalo Avenue to the north. 
The landfill was closed in 1971 when the U.S. 
Army Corps of Engineers ordered the 
companies to construct a bulkhead to prevent 
the erosion of wastes into the river. 

Directly west of the water treatment plant 
for the city of Niagara Falls, the S-Area 
property was partially reclaimed from the 
Niagara River by dumping various fill 
materials between 1938 and 1947. Following 
purchase of the property in 1947, OCC buried 
an estimated 63,100 tons of liquid and solid 
chemical wastes in 15- to 18-foot deep parallel 
trenches at the 8-acre S-Area site prior to 
1961. Some liquid wastes were buried in tank 
cars. Major disposal operations at S-Area were 
curtailed when OCC implemented a thermal 
destruction process for many of their wastes 
in 1961. Two lagoons at S-Area are currently 
used to dispose of calcium fluoride sludge. 

The Hyde Park landfill is 2,000 feet east of 
the deep gorge formed by the Niagara River 
downstream from Niagara Falls. OCC began 
using Hyde Park in 1953 for the disposal of 
chemical wastes previously buried at Love 
Canal. Up until about 1975, OCC dumped an 
estimated 80,000 tons of liquid and solid 
chemical wastes in pits and trenches at that 
15-acre site. 

Large quantities of relatively insoluble 
organic chemicals were buried at these sites. 
As a result, chemicals exist in the subsurface 
as solids, dissolved in water and as non
aqueous phase liquids (NAPL). Dissolved 
chemicals migrate with groundwater flow, 
although their velocity may be retarded by 
adsorption and biodegradation. The move
ment of NAPL, which may be composed of 
one or more chemicals, is complicated by 
several additional factors, including its density, 
viscosity and wettability. NAPL either floats 
on the water or sinks depending on its specific 
gravity. Dense NAPL may migrate downdip 
atop a confining layer in a direction other 
than that of the groundwater flow. The poten
tial velocity of NAPL flow is inversely related 
to its viscosity. NAPL wettability determines 
whether the porous media will be preferen
tially wetted by it or by groundwater. 



The presence and transport of NAPL is of 
particular concern for several reasons. Unlike 
dissolved chemicals with aqueous concentra
tions in the ppb and ppm range, NAPL is 
undiluted. NAPL migration provides a trans
port mechanism for toxic hydrophobic chem
icals like TCDD and a moving source for 
continued chemical dissolution in ground
water. Off-site loadings and the complexity 
and costs of site assessment and remediation 
may be greatly increased where mobile NAPL 
is present. 

Problem Recognition 
Up until the 1970s, relatively little considera
tion was given to the potential for subsurface 
chemical transport during or after the waste 
disposal process. However, events at Love 
Canal beginning in about 1976 generated sub
stantial interest regarding the environmental 
fate of landfilled chemicals among regulatory 
agencies, chemical companies and the public. 

The development of a very high water 
table in the 1970s, due in part to heavy preci
pitation, exacerbated a number of existing 
problems at Love Canal. Conditions of concern 
included: 

• subsidence of the landfill surface and 
exposure of drums; 

• ponding of contaminated surface water in 
backyards adjacent to the landfill; 

• the presence of unpleasant chemical odors 
that were cited by residents as a cause of 
discomfort and illness; 

• chemical migration into basements 
adjacent to the landfill; and 

• chemical migration into and through the 
local sewer system. 

As a result of these and related problems, 
several health emergencies were ordered by 
the New York State Health Commissioner in 
1978, and a State-of-Emergency at Love Canal 
was declared twice by President Carter, one 
in 1978 and again in 1980. Chemicals seeping 
to the surface at Love Canal prompted the 
start of numerous remedial investigations at 
landfills in the Niagara Falls area. Since 1976, 
extensive environmental studies have been 
conducted at the Love Canal, S-Area, Hyde 

Park and 102nd Street hazardous waste sites. 
Continued remedial investigations are cur
rently in progress at all of these sites. 

Remedial Investigations 
Environmental sampling surveys are the pri
mary means used to date to evaluate the 
nature, extent, mass and rate of chemical 
migration at hazardous wastes sites. Media 
studied have included groundwater, soil, 
sewer water and sediment, air, and biota. 
Surveys to define the extent of contamination 
generally proceed outward from the source 
and downward through the subsurface to 
beyond the limits of migration. The rate of off
site chemical transport has been estimated by 
multiplying calculated fluxes of groundwater 
and/or surface water across site boundaries 
by the chemical concentration in samples 
taken at the boundaries. Additional data are 
collected and analyses are performed to assess 
hydrogeologic conditions, pathways and 
mechanisms of migration and exposure, and 
associated risks. 

Love Canal. Extensive remedial investiga
tions at Love Canal have been funded by the 
city, state and federal governments. During 
these studies, thousands of environmental 
samples were chemically analyzed and hydro
geologic conditions were characterized by data 
from hundreds of wells and borings, hydraulic 
tests, water-level surveys, geophysical surveys 
and computer modeling. 

Approximately 30 to 40 feet of uncon
solidated sediments overlie the Lockport 
Dolomite bedrock in the Love Canal area (see 
Figure 3). The Lockport Dolomite forms a 
fractured bedrock aquifer of regional extent. 
In the vicinity of Love Canal, the Lockport 
Dolomite is approximately 180 feet thick and 
has numerous water-yielding fractures in the 
upper 30 feet. Below the Lockport Dolomite is 
the Rochester Shale, a regional aquitard that 
is approximately 60 feet thick in the Niagara 
Falls area. From the ground surface down, the 
overburden consists of layers of fill, silty sand, 
fractured hard silty clay, soft silty clay and 
glacial till as shown in Figure 3. 

Water-level measurements made prior to 
the completion of a leachate collection system 
in 1979 indicated that a groundwater mound 
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FIGURE 3. A schematic geologic cross-section through Love Canal showing the water-table 
mound that was found prior to remediation efforts. 

had developed at the site, resulting in the 
radial flow of groundwater from the landfill 
through the overburden and downward 
toward bedrock. These early studies also 
revealed the presence of Love Canal chemicals 
at the landfill surface, in soils and groundwater 
near the site, in basement sumps of adjacent 
homes, in storm sewers leading to local creeks 
and the Niagara River, and in air samples. 

These findings, combined with pre
liminary indications of health problems, 
including greater than statistical norms for 
spontaneous abortions and low-birthweight 
infants in the canal area, prompted the state 
and federal governments to declare an 
emergency at the site in August 1978. This 
state of emergency included the evacuation of 
236 families from the first two rings of homes 
around the landfill (see Figure 4), closure of 
the 99th Street School, implementation of a 
site containment plan for the southern section 
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of Love Canal and the commencement of 
additional investigations. 

Some of the remedial studies performed 
in 1978 and 1979 were undertaken to aid in 
the construction of the leachate collection 
system surrounding the landfill. As part of 
these studies, soil borings were drilled every 
10 to 20 feet along the proposed leachate 
collection drain line to examine subsurface 
conditions. These borings identified the 
presence of dense NAPL in the fractured silty 
clay layer along much of the drain line, result
ing in a decision to lower the barrier drain 
system to beneath this layer. 

Other investigative activities attempted 
to determine the extent of chemical migration 
in soils, sewers, basement sumps, creeks and 
indoor air. Environmental samples were taken 
at hundreds of locations between 93rd and 
103rd Streets for chemical analysis by the 
New York Department of Health (NYSDOH). 



FIGURE 4. Aerial photo taken in 1976 showing the first two rings of homes around Love Canal 
and the 1980 Emergency Declaration Area (EDA). 

NYSDOH investigators later noted that exten
sive chemical migration through overburden 
soils appeared to be limited to the Ring 1 area, 
except to the south of Love Canal.4 

Chemical migration appears to have been 
influenced, in part, by the presence of base
ment sump drains and sewer lines around the 
landfill. Subsurface investigations revealed that 
most local sewer trenches had been backfilled 
with a mix of native materials rather than 
with sand or gravel. As a result, the backfill 
may have cut off portions of the relatively 
permeable shallow soil layers.5 Additionally, 
these sewers lie below the water table and 
may have created a hydraulic sink, capturing 
groundwater and chemicals. Love Canal 
chemicals were also pumped directly from 
Ring 1 basement sumps into the storm sewer 
system. Once in the storm sewers, chemicals 
were routed to outfalls at Black Creek and 
Niagara River. Analyses of sewer water and 
sediment, and creek sediment, substantiate 
this transport pathway. 

In early 1980, several investigations were 

initiated to better define the presence of Love 
Canal chemicals in storm and sanitary sewers 
and in Black Creek. At this same time, a pilot 
study funded by the Environmental Protection 
Agency (EPA) was being conducted to 
examine chromosomes sampled from 36 Love 
Canal residents. Preliminary results of the pilot 
study suggesting that 11 of the 36 residents 
had chromosomal abnormalities was made 
public on May 19, 1980. Two days later, 
President Carter declared the existence of a 
second State-of-Emergency at Love Canal. This 
order was issued out of concern that Love 
Canal chemicals were contaminating adjacent 
residential areas and subjecting residents to 
increased health risks.6 This declaration 
prompted the relocation of residents from the 
Emergency Declaration Area (EDA) shown in 
Figure 3, and the commencement of the EPA' s 
multimedia environmental monitoring study 
that occurred between August and October 
1980. 

A major objective of the EPA' s multimedia 
environmental study was to determine the 

CIVIL ENGINEERING PRACTICE SPRING 1987 39 



• Waste/Fill Well ,J-
• Alluvium Well \ 
♦ Till/Rock Interface Well 
■ Bedrock Well 

Cayuga 
Island 

Griffon Park 

Modified 
from Ref. 9 

050100150 Feet 
i.t:::::.. 

Approx. Scale 

FIGURE 5. Locations of monitoring wells at the 102nd St. landfill. 

nature and extent of chemical contamination 
in the EDA Chemical analyses were per
formed on thousands of environmental 
samples. After more than one year of data 
analysis, the EPA concluded in 1982 that there 
was no evidence of soil or groundwater con
tamination attributable to Love Canal beyond 
the Ring 1 area and that except for residual 
contamination of certain local storm sewers 
and creeks, " ... there was no compelling 
evidence that the environmental quality of 
the Declaration Area was significantly different 
from control sites or other areas throughout 
the United States."6 

The U.S. Department of Health and 
Human Services (HHS) decided, on the basis 
of the EPA study and other data, that the 
EDA could be rehabilitated if residual con
tamination in storm sewers and creeks was 
removed and if adequate safeguards were 
maintained to prevent the future leakage of 
chemicals from Love Canal.7 Both the EPA 
study and the HHS habitability assessment 
were met with criticism from various groups, 
including the Office of Technology Assessment 
of Congress (OTA). The principal finding of an 
OTA study was that more investigation was 
needed to determine whether or not the EDA 
could be safely rehabilitated.8 

Several additional investigations followed 
the OTA study to evaluate the extent of 
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chemical contamination in the EDA In 1983, 
nearly 1,000 aqueous and sediment samples 
were analyzed to identify the extent of con
tamination requiring clean up in Love Canal 
area storm and sanitary sewers, and creeks, as 
well as the Niagara River. Soil borings were 
also conducted in 1983 to examine soil and 
chemical conditions along the alignment of a 
then-proposed concrete cutoff wall to encircle 
the Ring 1 area. Numerous monitoring wells 
were installed for a long-term monitoring 
network in 1985 and 1986, and an extensive 
soil survey in the EDA was conducted under 
the direction of an interagency Technical 
Review Committee (TRC) to provide input to 
the final decision on habitability that is 
expected this year or in 1988. 

Numerous investigations were conducted 
at Love Canal between 1977 and late 1986. 
The main objectives of these studies were to 
define the nature and extent of chemical 
contamination and to guide clean up efforts. 
The duration of the RI process at Love Canal 
reflects the difficulties involved where 
chemicals have migrated through a complex 
environment within a residential community. 

102nd Street Landfill. Remedial investigation 
of the 102nd Street landfill commenced in the 
late 1970s in the wake of Love Canal publicity. 
OCC and Olin hired consultants to undertake 
hydrogeologic evaluations of their respective 
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properties (see Figure 5). Between 1977 and 
1980, approximately 75 monitoring wells were 
installed at the site to assess subsurface 
conditions, the groundwater flow field and 
chemical loadings to the Niagara River. 
Surveys were also conducted to examine the 
migration of chemicals into and through a 42-
inch storm sewer buried on the Olin property 
and to examine the presence of chemicals in 
river sediments. 

Geologic strata encountered at the site 
differ from those found at Love Canal due to 
erosion and sedimentation by the Niagara 
River. As shown in Figure 6, the Lockport 
Dolomite is overlain sequentially by glacial 
till, soft silty clay, river alluvium and fill 
materials. The river eroded the soft silty clay 
in the southern portion of the site and 
replaced it with silt, sand and gravel alluvium 

that coarsens with depth and pinches out 
near the northern site boundary. 

A conceptual model of groundwater flow 
and chemical transport was developed by 
consultants for the chemical companies prior 
to 1984 based on hydraulic tests, water-level 
monitoring, chemical analyses and geologic 
conditions encountered at the site. This model 
indicated that groundwater flows laterally 
toward the Niagara River through the rela
tively permeable layers of waste, alluvium 
and bedrock. A downward component of flow 
is also apparent from the waste into the 
alluvium and through the clay-till aquitard to 
the bedrock aquifer. South of the bulkhead, 
groundwater presumably flows upward and 
discharges to the river. 

A water balance developed by consultants 
for the chemical companies for the site is 
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illustrated in Figure 7. As shown in the figure, 
an estimated average 15,971 gallons of water 
per day (94 percent of which is thought to be 
derived from direct recharge to the landfill) 
leach through the wastes and flow off-site. 

Groundwater that flows to the river envir
onment and to properties east and west of the 
landfill is contaminated. For example, the 
distribution of total organic halogens (TOX) in 
overburden groundwater detected in 1986 is 
shown in Figure 8. Chemicals leaking into the 
buried storm sewer on Olin's property are 
discharged directly to the river. 

The significance of chemical migration 
from the 102nd Street landfill was discussed 
by company and government representatives 
in 1984. After approximately six months of 
sporadic negotiations, an agreement was 
reached on a RI work plan to be undertaken 
by the companies to better define the nature, 
extent and rate of chemical transport, and to 
provide additional data necessary for remedial 
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design. Field work began in September 1985 
and will probably conclude in late this year or 
early next year. 

The condition of the storm sewer and the 
potential for .chemical transport through its 
bedding/backfill are being studied. A video 
inspection of the sewer was made in 1986. 
Eight wells completed into the bedding/ 
backfill are being used to facilitate an assess
ment of transport through this media based 
on hydraulic tests and chemical analyses. 

River sediments adjacent to the site have 
been shown to be contaminated by prior 
investigations. Additional samples are being 
taken along nine vectors offshore from the 
landfill to better define the presence of 
chemicals in these sediments. Similarly, 
another survey is being conducted to deter
mine the extent of chemicals in surficial soils 
to the east, north and west of the landfill. 
Samples will be taken for analysis along 20 
vectors radiating out from the site until clean 



0 Fill/Waste 
0 ~ -- + Alluvium 448 ~-- - 0

33 

678 ° 795 ----29 8 - - -~-e28 
~ - - 1:1 Till-Bedrock 

, 40 1540 °61 y--- 82 
' 190 - -0. ~Interface 

' +1:1 , 1150 k 

\ 

6868 2850 0 083 

510~ 01,425 r 
11,500 4,325 22 . , Olin 3030 \ 98 -N-

' + ~ 17 064 1,520+ + 
\ 0 353 occ +56,600 '10 ;5 390~ \ 

2,444 i!i , + 821+ 

\ 

12,465+ 18 335 ' + 680 . 

680 6,635 ' \ 8,030 \ 
1 400~ \~21,995 , + 180 
' , 7,588 2,3920 +10,120 cf 10,610 

' 11 011,700 +1,788 2,266 
8+295 

Niagara River 0 150 Feet 
lwwl lwwl 

Refs. 12, 13 Approx. Scale 

FIGURE 8. Distribution of TOX in ppb detected in overburden groundwater at the 102nd St. 
landfill in 1986. 

soils or predetermined sampling barriers are 
met. 

Approximately 40 new wells have been 
constructed since 1985. Most of these wells 
have been installed to the waste or alluvium 
along the site boundaries or off-site (see Figure 
5). Eight new wells have been drilled into the 
Lockport Dolomite, including three that 
extend to the top of the underlying Rochester 
Shale. These new wells and some of the older 
wells are being used to monitor water levels 
and groundwater quality during the remainder 
of the RI. 

Comprehensive chemical analyses of 
water samples from ten wells installed in the 
waste layer were used to help develop a site 
indicator list. Water sampled from approxi
mately 80 wells was analyzed for general 
parameters to provide a snapshot of the spatial 
distribution of chemicals in the groundwater 
and to help select approximately 25 boundary 
wells for an extended monthly survey. 
Chemical analyses are also being performed 
on water samples taken from groundwater 
seeps located at the base of the bulkhead 
bordering the landfill. NAPL samples encoun
tered during the field program are being 
analyzed to determine their chemical compo
sition, density and viscosity. The goal of these 
surveys is to permit a more accurate deter-

mination of the rate and extent of off-site 
chemical migration through time and space. 

S-Area. Drinking water for the city of 
Niagara Falls is conveyed from the Niagara 
River through tunnels cut into the Lockport 
Dolomite to a water treatment plant adjacent 
to the S-Area landfill (see Figure 9). The 
discovery of contaminated sludge in one of 
these tunnels in 1978 aroused concern that 
chemicals leaking from S-Area were entering 
the tunnel and polluting the city's water 
supply. Following the discovery of the 
problem, a series of remedial investigations 
funded primarily by OCC were begun to 
assess the nature and extent of chemical 
migration from the S-Area site. 

Numerous wells and borings were 
installed between 1979 and 1982 to charac
terize site geology, groundwater flow direc
tions and rates, and the distribution of chem
icals in the subsurface. Monitoring well loca
tions and a generalized cross-section depicting 
site conditions are shown in Figures 9 and 10, 
respectively. 

Approximately 10 to 30 feet of relatively 
permeable, non-uniform fill and sand overlie 
an aquitard composed of silty clay and glacial 
till beneath the S-Area site. The clay-till 
aquitard, which ranges in thickness up to 18 
feet in the northern portion of the site, is 
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absent in a small area south of the S-Area 
lagoons. Beneath the overburden, the highly
fractured upper 15 feet of the Lockport 
Dolomite form an aquifer of regional extent. 
The Lockport Dolomite is less fractured below 
this upper zone, has a total thickness of about 
125 feet and is underlain by the Rochester 
Shale. 

The groundwater flow systems beneath 
S-Area can be idealized as consisting of two 
aquifers with predominantly lateral flow that 
are separated by an aquitard through which 
flow is predominantly vertical. The aquifers 
are the overburden fill and sand, and the 
upper Lockport Dolomite. Most groundwater 
in the fill and sand aquifer flows south 
towards the Niagara River at an estimated 
velocity of 5 to 10 ft/month. To a lesser extent, 
however, shallow groundwater moves in all 
directions away from the site because of the 
development of a water table mound beneath 
the two lagoons. Groundwater in the Lockport 
Dolomite flows southeast to northwest away 
from the Niagara River. The potentiometric 
surface in the bedrock is generally several feet 
below the water table, indicating that flow 
through the clay-till aquitard is downward. A 
water-table low is present above where the 
clay-till aquitard is absent, suggesting a direct 
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hydraulic connection between the two flow 
zones at this location . 

Chemicals that were components and 
reaction products of the wastes deposited at 
S-Area have been found in the subsurface 
below and adjacent to the landfill. General 
evidence of existing contamination at the site 
is depicted in Figure 11 showing the distribu
tion of TOX measured in overburden ground
water. 

S-Area chemicals have migrated to their 
present locations either by dissolution in 
groundwater or by movement of dense NAPL. 
Existing contamination in the overburden 
aquifer generally reflects chemical transport 
by groundwater flow in all directions away 
from the site. Dense NAPL tends to sink 
through the fill-sand layer and move down
slope on the surface of the clay-till aquitard. 
In addition to having a low permeability that 
would retard NAPL movement, the aquitard 
is preferentially wetted by water rather than 
NAPL. As a consequence, the water-saturated 
clay-till does not permit NAPL penetration 
except under extreme hydraulic gradients. The 
direction of probable NAPL migration estab
lishes the potential for NAPL migration to the 
water treatment plant property, and the 
potential for NAPL migration down through 
aquitard discontinuities into the bedrock. 
Aquitard discontinuities include the area 
where the clay and till are absent, as well as 
potential manmade pathways such as power 
tower foundations. 

The distribution of chemicals in the 
Lockport Dolomite suggests combined trans
port by groundwater flow and NAPL move
ment. Relatively high TOX concentrations are 
found in bedrock downgradient (northwest) 
of S-Area. High levels of TOX observed south 
of the site are probably the result of NAPL 
migration downslope on bedding planes in 
the Lockport Dolomite. NAPL can migrate 
counter to the groundwater flow direction on 
very gentle slopes. Consequently, the expected 
lateral direction of NAPL migration in the 
bedrock is toward the south. NAPL can also 
move through fractures in the bedrock, but 
the extent of downward migration has not yet 
been determined. 

Following five years of sporadic negotia-
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tions between OCC and the city, state and 
federal governments, a settlement agreement 
was reached regarding additional investigation 
and the containment of buried chemicals at 
S-Area in April 1985. Prior to the construction 
of a containment system, the settlement 
required the completion of a surveys and 
studies phase that is to be conducted this 
year. This phase consists of numerous geologic 
borings and tests to more completely describe 
the S-Area lithology, including the thickness 
of the aquitard and the area of its discon
tinuity. Information from the drilling and 
testing will be analyzed using sophisticated 
numerical models of groundwater flow and 
chemical transport to further refine the con
tainment system prior to installation. 

The installation of three groups of moni
toring wells will be undertaken also in the 
survey and study phase. Fourteen overburden 
wells will be drilled along the Robert Moses 
Parkway from east of the water treatment 
plant to west of S-Area (see Figure 9). These 
wells will be used to determine the extent of 
chemicals moving toward the river. Twenty
one overburden wells will be installed to 
further delineate the extent of contamination 
on the water treatment plant property. Finally, 
twenty wells will be drilled to the top of the 
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Rochester Shale to determine the extent of 
chemical migration in the Lockport Dolomite. 

Hyde Park. Groundwater studies at the 
Hyde Park site were initiated in 1978 when 
OCC installed a shallow tile drain and clay 
cover at the landfill. These actions were taken 
to reduce the volume of leachate generated at 
the site and to prevent Hyde Park chemicals 
from entering a local creek known as Bloody 
Run. As part of this project, monitoring wells 
were constructed to assess groundwater con
ditions at the site. 

Negotiations following the filing of an 
EPA enforcement action in Federal District 
Court in December 1979, resulted in a settle
ment agreement with OCC. Approved by the 
court in April 1982, the agreement required 
OCCto: 

• determine the extent of contamination; 
• cap contaminated soils; 
• collect and treat contaminated ground

water; and 
• remediate contamination in Bloody Run 

by either capping or excavation. 

OCC performed the remedial investiga
tions required by the settlement agreement 
from 1982 to 1984. A major component of the 
RI was a drilling program designed to deter
mine the extent of chemical contamination in 
the overburden and bedrock. Borings were 
cored and tested in 15-foot sections to the top 
of the Rochester Shale along ten vectors 
radiating out from the landfill. Groundwater 
samples were taken for analysis from those 
15-foot sections that yielded significant 
amounts of water. If chemicals were present 
above specified levels, a new hole was drilled 
about 800 feet away along the vector. Some of 
these holes were used as observation wells 
during aquifer tests prior to being grouted. 

As a result of the drilling programs, the 
local geology has become fairly well-known 
(see Figure 12). Approximately 15 to 30 feet of 
waste at the landfill are underlain by O to 10 
feet of silty clay sediments. Beneath the over
burden, the Lockport Dolomite ranges in 
thickness from 130 feet (200 feet southeast of 
the landfill) to 65 feet at the Niagara Gorge. 
The Lockport Dolomite overlies the Rochester 
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FIGURE 12. A generalized diagram showing the geologic formations and topographic features 
in the vicinity of the Hyde Park landfill. 

Shale and several lower units in a layercake 
sequence. 

The hydrogeology of the Hyde Park area 
is unique because of the Niagara River Gorge 
and the man-made channels associated with a 
nearby pump storage reservoir (see Figure 
12). The Niagara Gorge (about 2,000 feet to the 
west), the forebay canal (about 4,000 feet to 
the north) and the buried conduits (about 
3,000 feet to the east) control groundwater 
movement in the Hyde Park area. 

The groundwater system can be idealized 
as a series of flat-lying, permeable zones 
sandwiched between aquitards, all of which 
are bounded on three sides by drains. Pre
cipitation infiltrates the wastes and the low
permeability overburden before recharging the 
highly-fractured upper layer of the Lockport 
Dolomite. Where glacial sediments are present 
beneath the landfill, downward groundwater 
flow and chemical migration is retarded. In 
areas where these sediments are thin and or 

absent, groundwater and chemicals move 
freely into the underlying rock. In the 
permeable bedrock zones, much of the 
groundwater flows laterally toward the three 
boundaries. Between these zones, ground
water moves slowly downward to the next 
lower permeable layer. 

Analyses of groundwater samples taken 
during the vector well survey revealed that 
contamination had migrated much further 
than previously thought. In fact, Hyde Park 
chemicals were found in seeps emanating from 
the Lockport Dolomite along the Niagara 
Gorge in July 1984. Dissolved chemical and 
NAPL plumes in the overburden and in the 
Lockport Dolomite were delineated during 
the RI as shown in Figure 13. Although the 
areal extent of contamination has been 
defined, the depth of chemical migration is 
unknown because dissolved chemicals and 
NAPL were observed all the way to the base 
of the Lockport Dolomite at many locations 
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FIGURE 13. Boundaries of dissolved chemical and NAPL plumes of contaminated groundwater 
emanating from the Hyde Park landfill through the overburden and Lockport Dolomite. 

(see Figure 14). 
The distribution of chemicals in the over

burden reflects the downward migration of 
contaminated surface runoff from the Hyde 
Park landfill, which is elevated relative to 
surrounding properties. Lateral chemical 
transport through the overburden has been 
limited because the potential for downward 
flow to bedrock exceeds that for outward flow 
through · the low-permeability glacial sedi
ments. 

The contamination observed in the Lock
port Dolomite reflects variations in the direc
tions of groundwater flow that have occurred 
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since waste disposal began at Hyde Park. 
Chemical analyses indicated the past migra
tion of chemicals though the upper Lockport 
Dolomite in all directions. Present ground
water flow is primarily to the northwest, but 
the southern and eastern areas of contamina
tion suggest that groundwater at one time 
moved toward those areas. Groundwater flow 
prior to the construction of the forebay canal 
and buried conduits (from 1958 to 1962) was 
inferred to be toward the southwest. Similarly, 
dewatering during the construction of these 
conduits could have drawn contaminated 
groundwater toward the east. Chemicals have 



a) b) 

FIGURE 14. Photos showing the absence (a) and presence (b) of NAPL on core samples of the 
Lockport Dolomite aquifer recovered near the Hyde Park landfill. 

moved downward to the base of the Lockport 
Dolomite by dissolution in groundwater and 
by dense NAPL flow. 

As part of their study submitted in 1984, 
OCC proposed several remedial measures for 
Hyde Park. Negotiations with the govern
ments over remedial actions and additional 
investigations continued until October 1985, 
and resulted in a Stipulation on Requisite 
Remedial Technology. Additional investiga
tions required by the stipulation included 
drilling to determine the depth of chemical 
migration in bedrock and extensive ground
water monitoring of the Hyde Park area. 

Remediation 
Remedial actions at hazardous waste sites 
where groundwater has been contaminated 
generally can be subdivided into three cate
gories: 

• excavation of wastes and contaminated 
soils for burial at another landfill or for 
incineration; 

• hydraulic containment of subsurface 
chemicals by pumping groundwater; and 

• no action or limited action, such as adding 
a clay cap to a landfill. 

Recent analyses indicate that excavation 
of wastes and contaminated soils from Hyde 
Park and burial at a nearby permitted 
hazardous waste landfiil would cost between 
$237 and $560 per cubic yard, and that 
excavation and incineration would cost 
between $900 and $3,300 per cubic yard.16 As 
such, excavation with burial or incineration at 
any of these sites would likely cost between 
$100 million and $4 billion. Besides the high 
cost, several other negative factors are 
associated with the excavation option, includ-
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ing: 

• the absence of landfills that are permitted 
to accept TCDD-containing wastes; 

• the limited space available at permitted 
hazardous waste landfills nationwide; 

• the perception that excavation and 
reburial is a shell game where the problem 
only shifts location; and 

• the exposure risks posed by excavation, 
transport, reburial and/or incineration. 

As a result of these considerations, the 
excavation of wastes and contaminated soils 
in Niagara Falls has not yet been judged to be 
cost-effective by chemical company or govern
ment officials. However, others argue that the 
long-term costs associated with hydraulic 
containment make excavation and incineration 
an attractive remedy.17 

Hydraulic containment refers to control 
of the groundwater flow field and chemical 
transport by pumping. Recovery wells, some
times augmented by injection wells, and drains 
are installed and pumped to modify existing 
hydraulic gradients in such a manner that 
chemicals moving off-site are captured and 
withdrawn for treatment. The general goal of 
hydraulic containment is to maintain inward 
hydraulic gradients toward the recovery wells 
or drains throughout the zone of the sub
surface contamination. The effectiveness of a 
hydraulic containment system can be eval
uated by monitoring groundwater levels to 
determine flow directions and by monitoring 
the groundwater quality to detect chemical 
migration. At Love Canal, S-Area and Hyde 
Park, the hydraulic containment option has 
been selected to prevent the uncontrolled 
chemical migration that is considered to be a 
threat to human health and the environment. 
A remedial strategy for the 102nd Street 
landfill has yet to be chosen. 

Lave Canal. Beginning in 1978, remediation 
at Love Canal has proceeded in phases. The 
main objectives have been to contain chemical 
migration, clean up contaminated areas and 
limit chemical exposure. Implemented 
remedies have included site evacuation, 
demolition of homes and a school, installation 
of clayey soil and synthetic covers, construe-
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tion of a tile drain leachate collection system 
with a carbon adsorption treatment plant, 
severance and plugging of utility lines, con
struction of cutoff walls at selected locations, 
installation of fencing and the cleaning of 
sewer lines. Future remedial work is scheduled 
to include the cleaning of local creeks, and 
continued operation and maintenance of the 
site containment system and long-term moni
toring program. 

Following President Carter's Emergency 
Declaration of August 1978, Phase 1 of site 
remediation efforts occurred in the southern 
section of Love Canal between October 1978, 
and February 1979. This phase consisted of 
the construction of a leachate collection 
system and clayey soil cover. In addition, 
contaminated groundwater was treated using 
temporary facilities. The leachate collection 
system consisted of barrier drains that were 
installed parallel to the southern portion of 
Love Canal in the back yards of Ring 1 homes. 
Vitrified-clay pipe was placed in trenches that 
were dug 12 to 15 feet deep and 4 feet wide. 
The pipe was backfilled with crushed stone 
and sand to ground level. Leachate entering 
the drains flows by gravity to precast wet 
wells and then is pumped to holding tanks 
and the on-site treatment plant. In January 
1979, eight lateral French drains were con
structed from the main drains to the landfill 
to expedite the dewatering of the site prior to 
the installation of the clayey soil cover. 

A Supplemental Health Order issued by 
the N.Y. State Health Commissioner in April 
1979, directed that the leachate collection 
system be extended to the central and 
northern sections of Love Canal. Known as 
Phase 2 of the remedial program, work on 
these sections began in May 1979, and was 
completed in December 1979. As in the 
southern section, numerous French drain 
laterals were installed between the main drain 
lines and the landfill to promote site dewater
ing. During the Phase 2 construction, an 
examination of the barrier drain in the 
southern section revealed numerous pipe 
separations and infilling of stone. Extensive 
repairs of the drain system were performed 
between July and October of 1979. In 
December 1979, construction of a permanent 
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FIGURE 15. Major components of the site containment system at Love Canal. 

activated-carbon treatment plant was com
pleted and it was put into operation. Effluent 
from this treatment plant is discharged to the 
sanitary sewer system. 

As part of the May 1980 Emergency 
Declaration by the federal government, 
residents of the EDA became eligible for 
relocation at government expense. By May 
1982, approximately 570 families had been 
relocated from the EDA Other remedial 
actions included the plugging of the Wheat
field Avenue sanitary sewer in 1980 following 
the determination that Love Canal chemicals 
were migrating through this conduit, and final 
work on the clayey soil cover over the landfill 
that was completed in 1981. 

Additional remedial work to improve the 
site containment system began in September 
1982 and was completed in December 1984. 
This work included: 

• construction of a high density poly
ethylene (HOPE) synthetic membrane 
cover over the entire ring 1 area; 

• installation of drain tiles on top of the 
HOPE cover to divert surface runoff; 

• inspection, cleaning and repair of the 
existing barrier drains; 

• placement of concrete cutoff walls beneath 
seven street crossings; and 

• demolition of the 99th Street School and 
Ring 1 and 2 homes. 

A concrete cutoff wall surrounding the 
site was not constructed as planned because 
chemicals had been discovered along portions 
of the wall alignment. In addition, ground
water modeling performed for EPA to predict 
the hydraulic effects of the planned barrier 
wall indicated that the benefits of the wall 
would be minor.19 

Clean up of contaminated storm and 
sanitary sewers in the Love Canal area was 
completed in 1986. Truck-mounted hydraulic 
vacuums were used to remove sediment from 
the sewer lines. The excavation of 15,000 cubic 
yards of contaminated sediments from Black 
and Bergholtz Creeks is scheduled to begin 
next year. These contaminated sediments will 
be stored within the Love Canal containment 
area. 

Major components of the site containment 
system - including the barrier and lateral 
drains, the synthetic cover and the treatment 
plant - are shown in Figure 15. Construction 
of the barrier drain system and landfill covers 
has provided substantial environmental 
benefits. The clay and synthetic covers have 
been effective in: 

• preventing surface runoff of chemicals 
from Love Canal; 

• preventing human contact with chemicals 
at the surface of Love Canal; 

• reducing the rate of recharge to the 
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FIGURE 16. Time-averaged monthly flows to the leachate collection system at Love Canal 
from 1980 to 1985. 

landfill; and 
• improving the appearance of the site. 

Construction of the barrier drain leachate 
collection system has: 

• improved drainage at the site and kept 
the water table below ground surface; 

• provided for the removal of hazardous 
chemicals from the subsurface for treat
ment; and 

• prevented and/or reduced the prior 
uncontrolled migration of Love Canal 
chemicals through the overburden. 

The hydraulic containment system at 
Love Canal has been operating since 1979. 
Monitoring data have shown that the average 
annual flow to the leachate collection system 
has declined with time (see Figure 16), par
ticularly after the initial dewatering of the 
landfill and after installation of the synthetic 
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cover in 1984. However, it has been difficult to 
determine the capture zone (area of inward 
flow) of the drain system due to the hetero
geneous nature of the overburden and the 
flatness of the water table at the site. The 
recent installation of additional nested piezo
meters in transects perpendicular to the land
fill should provide the areal and vertical direc
tion of hydraulic head data needed to better 
delineate the capture zone of the drain 
system.20 

102nd Street. The on-going RI was designed 
to provide sufficient data to determine an 
appropriate remedial response at the 102nd 
Street landfill. A variety of remedial options 
will be considered such as the use of wells 
and drains to effect hydraulic containment at 
the site, construction of a new landfill cover, 
construction of subsurface cutoff walls, inser
tion of a pipe sleeve in the storm sewer, 
clean-up and/or fixation of contaminated river 
sediments, and no action. A FS is not expected 
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FIGURE 17. A conceptual cross-section of the hydraulic containment system to be implemented 
at the S-Area landfill. 

at this site until next year. 
S-Area. The S-Area containment system 

described in the OCC settlement agreement is 
designed to provide for the hydraulic con
tainment of chemicals in the subsurface. 
Groundwater levels will be controlled to 
prevent NAPL and dissolved chemicals from 
moving to off-site areas. Hydraulic contain
ment will be achieved by constructing a 
system of remedial components that include 

drains, barrier walls, plugs, a clay cap and a 
lagoon liner. Inward groundwater flow across 
barrier walls and plugs, and upward flow 
through the aquitard, will be effected by 
pumping from drains. Figure 17 shows a con
ceptual cross-section of this containment 
system. In the area where the aquitard is 
missing, the remedies must create an upward 
hydraulic gradient that is sufficient to cause 
the upward flow of dense NAPL. By achieving 
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this goal, chemicals in the subsurface will 
move toward drains where they can be 
removed. 

In addition to the containment system 
designed for S-Area, additional collection 
systems are required for an adjacent site to 
the north of S-Area and for the water treat
ment plant property. 

The monitoring program described by the 
settlement agreement is an essential part of 
the overall remedial strategy. The program 
provides the means for collecting data and 
establishing performance criteria that can be 
used to determine if the remedial components 
are achieving their design objectives. If the 
design objectives are not being fulfilled, OCC 
has the responsibility to correct deficiencies, 
modify or repair damaged components, and 
implement additional remedies as needed. The 
specified monitoring program is comprehen
sive and provides redundant measures for 
system effectiveness. 

Water-level monitoring, tracer monitoring 
and chemical monitoring will be utilized to 
monitor the remedial system. Water-level 
monitoring at numerous wells will be used to 
substantiate the existence of upward and 
inward hydraulic gradients at the site. 
Chemical analyses will be conducted at regular 
intervals on groundwater samples to identify 
the presence of S-Area and tracer chemicals. 
The tracer and chemical monitoring programs 
will provide independent means for evaluating 
the effectiveness of the containment system, 
particularly in the bedrock. 

The hydraulic containment system at S
Area will probably begin operation in about 
1992. Groundwater withdrawals are planned 
to continue for at least 35 years unless OCC 
can demonstrate that the site poses no 
potential adverse environmental impact. 

Hyde Park. The Hyde Park Stipulation 
requires several remedial actions. The specified 
remedial measures focus on source control, 
overburden remedies, bedrock remedies and 
control of seeps at the Niagara Gorge face. 
Design of these remedies was facilitated by 
the application of a series of numerical models 
of groundwater flow and chemical transport. 

The source control program is designed 
to reduce the amount of chemicals migrating 
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from the landfill into the overburden and 
bedrock. This reduction will be achieved by a 
synthetic cap to reduce recharge and by 
extraction wells to remove chemicals. During 
the prototype phase of the program, two 
large-diameter extraction wells are to be 
installed in the landfill. If a reasonable amount 
of NAPL can be removed with this method, 
an operational network of six extraction wells 
will be installed. 

The remedial program specified for the 
overburden is designed to achieve the lateral 
containment of dissolved chemicals and NAPL 
and to maximize collection of NAPL. Mobile 
NAPL not removed from the overburden will 
tend to sink downward to the bedrock and 
will be addressed by the bedrock remedy. 
The overall approach of the program is to 
further define the boundary of the overburden 
NAPL plume and then install a tile drain to 
collect mobile NAPL. The location and depth 
of the drain will be determined after the over
burden plume boundaries have been refined. 
The performance criteria for the overburden 
system are: 

• an inward hydraulic gradient must be 
maintained toward the drain or down -
ward into the bedrock; and 

• there must be no expansion of the 
NAPL plume toward the drain or down -
ward. 

Remedial systems planned for the 
Lockport Dolomite are designed to contain 
both the NAPL and aqueous phase liquids 
(APL) plumes. Specific objectives of the bed
rock system are to contain dissolved chemicals 
and NAPL within the NAPL plume, contain 
dissolved chemicals in an area near the gorge 
face designated the remediated APL plume, 
and eliminate the seepage of chemicals at the 
gorge face. However, portions of the APL 
plume will not be remediated. As with the 
source control system, a prototype system 
will be implemented first and later refined 
into an operational system. The system will 
use extraction and injection wells to maximize 
the the collection of both dissolved chemicals 
and NAPL. The locations of purge, injection 
and monitoring wells, and a schematic cross-
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FIGURE 18. Locations of purge, injection and monitoring wells to be installed for the prototype 
Lockport Dolomite hydraulic containment system at the Hyde Park site. 

section of the containment concept, are shown 
in Figures 18 and 19, respectively. The reason 
for adding recirculation wells to the NAPL 
plume containment system is to speed up the 
recovery of contaminants, and to maintain 
higher water levels for the flushing of chem
icals in the upper bedrock. 

The main performance criteria for the 
bedrock system is that an inward hydraulic 

gradient must be maintained at the NAPL 
plume boundary. In addition, the flux of 
certain chemicals to the Niagara River must 
be below specified limits. The interim flux 
level for 2,3,7,8-TCDD is 0.5 g/yr. This level 
will be modified based on a future study of 
TCDD in the Niagara River and Lake Ontario. 
The TCDD study will be jointly funded by 
OCC, the EPA and the state of New York. 
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FIGURE 19. A conceptual cross-section of the Lockport Dolomite hydraulic containment 
system at the Hyde Park site. 

The remedies described in the Stipulation 
include extensive monitoring programs to 
ensure that performance goals are achieved. If 
these performance criteria are not met, the 
system must be modified accordingly. These 
performance- oriented remedial actions allow 
flexibility in altering the remedial system as 
more data are obtained. 

Most of the activities set forth in the 
Stipulation are contingent upon OCC receiv
ing a permit to incinerate dioxin-containing 
wastes. It is anticipated that this permit will 
not be obtained prior to 1988. However, there 
are certain priority activities that have already 
begun or will be started sooner. These 
activities include the implementation of a com
munity monitoring program, the Gorge Face 
Seep program, the APL and NAPL plume 
boundary refinement in the overburden, and 
the design of the on-site storage and treatment 
facility. The community monitoring program 
involves the measurement of water levels and 
analysis of groundwater and soil gas from 
shallow wells to address conceivable routes of 
groundwater migration to houses. The Gorge 
Face Seep program is designed to limit 
chemical exposure at the seeps by removing 
dioxin-contaminated soils, constructing a fence 
to prevent access, and when the incineration 
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permit is granted, by pumping purge wells to 
dry up the seeps. 

Costs 
Over the past ten years, millions of dollars 
have been spent investigating the Love Canal, 
S-Area, Hyde Park and 102nd Street hazardous 
waste sites. As of December 1983, the federal 
government had expended approximately $45 
million in studies and response actions at 
Love Canal.21 The state of New York and city 
of Niagara Falls also have committed vast 
resources to the Love Canal problem. At S
Area, where the EPA spent $2 million for 
more than 25,000 hours of technical advice 
from consultants on how to remedy the site, 
implementation of the remedial program will 
take 5 to 8 years and will cost OCC approx
imately $36 million.22 OCC has estimated that 
the remedial program at Hyde Park will cost 
$17 million in capital costs and $1.5 million in 
operating and maintenance costs in the first 
year.23 Over the long term, additional costs 
will be incurred in the operation and main
tenance of the hydraulic containment and 
monitoring systems at each of these sites. 
Costs associated with future investigation and 
remediation at the 102nd Street landfill are 
unknown. 



Conclusions 

Hazardous chemicals buried in Niagara Falls 
have migrated through a varied and complex 
network of environmental media from their 
original disposal sites during the past forty 
years. Since the late 1970s, a large amount of 
resources has been dedicated to the investiga
tion and remediation of the uncontrolled 
chemical migration at several of these sites. 

The characterization of the nature, extent 
and rate of chemical migration in the environ
ment, particularly through the subsurface, is a 
complex and costly task that is subject to 
significant uncertainty. Therefore, the remedial 
investigation program should be performed in 
phases. In this way, later phases may be 
modified based on the knowledge gained from 
earlier phases. 

The selection of an appropriate remedy is 
also subject to considerable uncertainty and 
has been the focus of lengthy negotiations. 
Long-term hydraulic containment of con
taminated groundwater and NAPL using 
recovery wells and drains has been the main 
feature of remedies chosen for Love Canal, S
Area and Hyde Park. At each of these sites, 
the effectiveness of the remedy and the need 
for additional action will be evaluated by the 
operation of an extensive long-term monitor
ing program. A key component of a good 
remedial plan, therefore, is the flexibility to 
change the design and operation of the 
remedy based on review of the monitoring 
data. 
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Case Study 

Evaluation of the Canoe 
Creek Bridge Abutments 

Effective repair of bridges 
experiencing structural distress 
requires a well-planned 
evaluation of the bridge based 
on site characteristics. 

B0HDAN I. CZMOLA 

I N THE SUMMER of 1984, a geotechnical 
engineering consultant was asked by the 
Pennsylvania Department of Transporta

tion (PennDOT), District 10, and its bridge 
consultant to participate in the evaluation of 
the Canoe Creek Bridges' apparent structural 
distress.1 The bridges consisted of two similar, 
833-foot long, six-span structures that carry 
the eastbound and westbound lanes of Inter
state Highway 80 (1-80) across Canoe Creek 
(see Figures 1, 2 and 3). The bridges are located 
in Clarion County, Pennsylvania, approx
imately one mile east of Exit 7 on 1-80 near 
the town of Knox. The first five spans on the 
west end of each bridge were supported by 
continuous steel girders, whereas the sixth 
span on the east end consisted of simply 
supported steel beams. All four bridge abut
ments, both Pier 5 supports and the left 
column of Pier 4 of the eastbound highway, 
were founded on H-piles bearing on rock. The 
remaining piers were supported on spread 

footings bearing on rock. 
Prior to the geotechnical investigation, 

the bridge consultant had been involved in 
designing a remedial maintenance plan con
sisting of replacing the bridge decks, repairing 
erosional damage, bridge painting, etc. Upon 
thorough inspection, however, it was noted 
that both bridges had experienced, and were 
continuing to experience, significant structural 
distress. Backhoe excavations adjacent to the 
Pier 5 foundations revealed severe pile cap 
cracking (see Figure 4). The wingwalls of the 
two west abutments were severely cracked, 
and all of the bridge expansion dams were 
completely closed (see Figure 5). Both bridge 
Pier Ss exhibited considerable tilt (see Figure 
6). 

On the assumption that the observed 
distress was soils related, a geotechnical and 
engineering study plan was developed. This 
evaluation plan consisted of subsurface drilling 
and testing, site observations, laboratory soil 
testing, determination of the extent of distress, 
evaluation of alternative remedial measures, 
and structural and geotechnical recommenda
tions. 

Subsurface Borings 
The subsurface drilling program was con
ducted in two phases. A total of 16 boreholes 
were drilled at the locations shown in Figure 
1. Twelve borings were drilled during the first 
phase - six borings along the eastbound 
highway and six borings along the westbound 
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FIGURE 1. Plan drawing of the original Canoe Creek Bridge design. 

highway. These Phase I borings were drilled 
to obtain geotechnical data to aid in deter
mining the causes of the structural distress 
experienced by the dual bridges. Two borings 
were drilled at the west ends and four borings 
at the east ends of both the eastbound 
(Borings EB-13 through EB-18) and westbound 
(Borings WB-19 through WB-24) highways. 
Borehole depths ranged from 38 to 108 feet. 

The purpose of the Phase II subsurface 
exploratory program was to help determine 
whether bridge abutments could be founded 
on spread footings. Four borings were drilled 
during Phase II (Borings EB-25 and 27, and 
WB-26 and 28). One boring was drilled at the 
approximate location of each of the four 
abutments. Phase II borings ranged in depth 
from 74 to 121 feet. 

The borehole conditions encountered in 
Phase II were similar to those encountered in 
Phase I. The predominant soil type was a stiff 
to hard brown to gray silty clay with varying 
amounts of shale and sandstone rock frag
ments, coal and, to a lesser extent, sand. The 
second and third most predominant soil types 
consisted of shale and sandstone rock frag
ments, respectively, that had undergone vary
ing amounts of weathering. The relative 
density of these materials was generally 
medium to very dense. Fill materials were 
encountered in the top portions of all 16 
borings. Fill thicknesses ranged from approx
imately 12 to 74 feet. Underlying the fill 

60 CIVIL ENGINEERING PRACTICE SPRING 1987 

materials were natural soils, ranging in thick
ness from approximately 3 to 17 feet. Because 
the fill materials were obtained from nearby 
borrow sources, they were very similar in 
composition to the in situ soils, making 
determination of the contact between the two 
strata difficult in some of the borings. 

The rock underlying the natural soils 
consisted of shales, claystones, mudstones, 
siltstones, sandstones and some coal. Rock 
was cored in all of the borings except WB-28, 
which was terminated at the apparent top of 
rock due to the icy road conditions that made 
work conditions hazardous for the drill crew 
and inspector. Borehole coring lengths ranged 
from 10 to 20 feet. The rock surface was 
generally found to be in a considerably 
weathered condition. To illustrate the 
generally weak rock condition, the drill rig 
was able to auger through more than 20 feet 
of sandstone in Boring EB-25. In most of the 
borings, the condition of the rock improved 
with depth. Soft zones and clay intrusions 
were encountered at random locations in 
many of the boreholes. 

Most of the soil samples recovered were 
in a moist condition. A considerably smaller 
number of samples were either dry or wet. 
Pockets of perched water were encountered 
in several of the boreholes at various eleva
tions. The groundwater table was located 
below the. fill. During the coring, water was 
usually lost through rock fractures and 
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FIGURE 2. Cross-section of the original Canoe Creek Bridge design. 

FIGURE 3. Photo of the Canoe Creek Bridges. 
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FIGURE 4. Cracked Pier 5 pile cap. 

generally did not return to the surface. After 
the completion of boring, the water level was 
observed to be dropping in all boreholes. 

Site Observations 
During the course of the drilling program, a 
site reconnaissance was conducted to augment 
the information obtained from the drilling 
program. 

zontally several inches toward the creek (see 
Figures 9 and 10). 

There were numerous indications that the 
fill (originally placed at a slope of 1.5 
horizontal:1 vertical) was in a state of move
ment. Slides were visually noted at many 
locations, varying from small localized sloughs 
to massive, although relatively shallow, 
failures. The largest such slide was noted at 
the south side of the west abutment embank
ment on the eastbound highway. In this area, 
virtually the entire face of the fill from the 
bridge to the embankment corner had slid 
away. The depth of the slide was approxi-

Certain sections of the two bridges 
appeared to have undergone considerable 
movement. This movement was evident from 
observations made at several locations. The 
rocker bearings at the two west abutments 
were in a severely tilted position (see Figures 
7 and 8), indicating that the abutments had 
moved at least several inches towards the 
creek. The wingwalls of these two abutments 
had undergone considerable cracking. The two 
Pier Ss had tilted to such an extent that the 
tilts were noticeable to the eye. Because 
simply-supported spans were pinned to the 
east abutments, relative movements between 
these two structural components were not 
possible. The extent of lateral abutment move
ment was noticeable at both Pier Ss, however, 
where it was evident that the simply
supported beams had been pushed hori- FIGURE 5. Closed expansion dam. 
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FIGURE 6. A view of the eastbound bridge's 
Pier 5. 

mately 10 feet (see Figures 11 and 12). At 
some locations, the fence that had been 
installed near the toe of the fill was completely 
covered by slide material. Other areas where 
slides were noted included: the north side of 
the west abutment embankment below the 
westbound highway; the south side of the 
east abutment embankment below the east
bound highway; an area between the two 
bridges at the east side; an area north of the 
westbound highway on the east side; and 
areas adjacent to the two Pier 5s where some 
backhoe exploratory work recently had been 
conducted. The only area that appeared to be 
relatively stable occurred between the two 
highways on the west side, where the 
embankment was constructed at a slope of 
approximately 1.7:1. 

The vegetative cover was lost in the areas 

FIGURE 7. Eastbound bridge rocker expansion 
bearings at its west abutment. 

where sloughing had occurred, leaving large 
portions of the embankment uncovered. 
Where vegetation still remained, the trunks of 
many trees exhibited significant curvature that 
was caused by the trees' attempts to remain 
vertical as their roots slowly crept down the 
embankment with the unstable surficial soil 

FIGURE 8. Eastbound bridge rocker expansion 
bearings located at its west abutment. 
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FIGURE 9. Westbound bridge sliding expan
sion bearing at Pier 5. 

(see Figures 13 and 14). 
The embankment side slopes, which were 

at a slope of 2:1, showed no evidence of 
sloughing at any location although several 
small erosion scars were noted. 

The section of the east side embankment 
located north of the westbound highway had 
undergone considerable erosional damage. 
This damage may have been caused, at least 
partially, by the underdrains at the abutment 

FIGURE 10. Eastbound bridge sliding expan
sion bearing at Pier 5. 

that allowed water to run down the face of 
the embankment in this area. The erosional 
damage at this location appeared to have 
contributed to the surface sloughing. 

The highway pavements on all four sides 
of the two bridges had experienced severe 
cracking transverse to the roadway. The 
cracks extended from the abutments to loca
tions ranging from 110 feet at the eastbound 
highway's west embankment to 395 feet at 

FIGURE 11. Slide scarp at the west side embankment of the eastbound highway. 
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FIGURE 12. Slide scarp at the west side of the eastbound highway. 

the eastbound highway's east embankment. 
These cracks indicated that the fill materials 
had undergone considerable sliding, creep 
and/or settlement. No longitudinal cracking 
was noted, indicating that the 2:1 side slopes 
were in a stable condition. 

FIGURE 13. A curved tree trunk due to slope 
instability. 

Field Testing 

Standard penetration tests (SPTs) were con
ducted in all of the boreholes at varying 
intervals. These data were used to assist in 
determining the consistency of the fill and the 

FIGURE 14. A tree recently toppled by slope 
instability. 
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in situ soils. Whenever the recovered SPT 
samples were cohesive, pocket penetrometer 
readings were performed on them to estimate 
their unconfined strengths. Pressuremeter 
testing was conducted in three of the four 
boreholes drilled for investigation of the 
abutment foundation conditions. Rock quality 
designation (RQD) values were determined 
for all of the rock cores that were recovered. 
RQD values ranged from O to 75 percent and 
averaged 25 percent, indicating that the sur
face of the rock strata was relatively wea
thered. Results of the SPT and pocket pene
trometer testing, as well as RQD values, were 
summarized on the boring logs, an example of 
which is shown in Figure 15. 

Laboratory Soil Testing 
A number of laboratory tests were conducted 
to help ascertain the physical properties of 
the fill and the in situ soils. 

Triaxial Testing. A three-point consolidated 
undrained triaxial test with pore pressure 
measurements (CU) was performed on soil 
obtained from Boring EB-18, resulting in an 
effective friction angle of 27.7 degrees and an 
effective cohesive strength of 460 pounds per 
square foot (psf). As was typical for all of the 
undisturbed samples collected during the 
subsurface drilling program, the samples on 
which the triaxial testing was conducted con
tained significant amounts of rock fragments. 
Although the samples were predominantly 
composed of silty clay, the geotechnical con
sultant felt that the rock caused the test results 
to yield strengths higher than the clay matrix 
material itself. Based on this assumption, use 
of these strengths in a stability analysis would 
lead to unconservative results. 

Unconfined Compression. Four samples were 
tested in unconfined compression. The test 
results yielded unconfined strengths ranging 
from 1,400 to 4,300 psf. 

Modified Proctor Compaction Tests. Two bag 
samples were collected of the surface fill 
materials. Bag Sample 1 was obtained from 
the fill in an area located north of the west
bound highway near the west abutment, 
approximately one-half of the distance 
between the toe and crest. Bag Sample 2 was 
obtained at a point located near the toe of the 
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fill between the eastbound and westbound 
highways at the east side of the fill. Depths 
for both samples ranged from O to 1.0 foot. 
The Modified Proctor compaction test (ASTM 
D 1557) results were: a maximum dry density 
of 116.3 pounds per cubic foot (pcf) and an 
optimum water content of 11.3 percent for 
Bag Sample 1, and 116.5 pcf and 11.0 percent 
for Bag Sample 2. 

Specific Gravity. Testing was conducted on 
the two surface bag samples, as well as the 
triaxial test sample. Specific gravity values of 
2.57 and 2.64 were obtained for Bag Samples 1 
and 2, respectively. A value of 2.65 was 
obtained for the triaxial test sample. The 
presence of coal fragments is believed to 
account for the relatively low values. 

Consolidation Tests. Three consolidation 
tests were performed on samples obtained 
from borings drilled for the investigation of 
spread footing conditions at the location of 
proposed abutments. Test results revealed that 
the samples were overconsolidated and 
exhibited relatively low compressibility. The 
overconsolidation ratio appeared to decrease 
with sample depth as would be expected in a 
compacted fill. 

Water Content Testing. Water content tests 
were performed on approximately one-half of 
the samples collected. Water content results, 
which were plotted on the boring logs, 
generally fell in the 5 to 20 percent range. 

In-Place Density Testing. In-place density 
values were obtained for a number of the 
undisturbed samples collected in the drilling 
program. Dry density values ranged from 110 
to 123 pcf. Wet densities ranged from 131 to 
138 pcf. The tested samples generally con
tained a somewhat higher proportion of rock 
fragments than the samples on which compac
tion tests were performed. This factor is 
presumed to explain why the in situ densities 
often exceeded the maximum Modified Proctor 
density values. These results suggested that 
the fill materials were in a relatively well
compacted state. 

Cause of Structural Distress 
Data collected by the PennDOT and its bridge 
consultant indicated that the continuous span 
sections, as well as Piers 1 through 4, for both 
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eastbound and westbound bridges had not 
been displaced laterally to any significant 
degree.· These bridge elements appeared to be 
in approximately the same position as when 
they were originally constructed. The struc
tural components that had experienced 
distress included the four abutments and the 
two Pier 5s of each bridge. The bottoms of the 
westbound and eastbound Pier 5s had dis
placed laterally 4 inches and 5.5 inches, 
respectively. The top of each pier appeared to 
retain, approximately, its original construction 
position. The four abutments also appeared to 
have moved towards the creek by a significant 
amount, as evidenced by the closed expansion 
dams. A review of historical correspondence 
revealed that the distress had been repaired 
at least one time in the past, shortly after 
construction of the bridge. After repair, 
continued movement was still noted. Total 
lateral movements at each abutment since 
initial construction may have been on the 
order of 1 foot. There was no evidence that 
measurements had been undertaken to eval
uate vertical movements. 

The bridge was founded on 24 individual 
structural elements, consisting of the 4 
abutments and 5 piers each with two columns 
for each of the two bridges. Of these 24 
elements, 8 had experienced measurable lateral 
movements and 16 remained in their approxi
mate original positions. The 8 elements that 
had experienced distress consisted of the 4 
abutments and the 4 columns that comprised 
the two bridge Pier 5s. All 8 of these struc
tural components shared the common charac
teristic of being founded in the steeply sloping 
fill materials. The foundations of all of the 16 
stable elements were located beyond the fill 
sections. This commonality suggested that the 
cause of the structural distress was related to 
the stability of the fill, as opposed to other 
candidate causes such as construction errors, 
frost heave or corrosion. In addition, the 
directions of observed displacement were 
consistent with the belief that the distress 
was caused by slope instability. 

Observations made during the field 
investigation supported this conclusion. 
Numerous instances of surface sloughing had 
been noted. Slope indicator data recorded by 
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PennDOT over several years revealed that 
two types of movements were occurring. Up 
to a depth of ten feet, movements averaging 
up to one inch per year were recorded. 
Beneath this depth the rate of movement 
decreased by approximately an order of 
magnitude. The shape of the deflection curves 
indicated that slip circle type failures were 
occurring at shallow depths. At greater depths, 
the deflections appeared to be related to creep 
type movements and showed no evidence of 
any shear planes. This collection of information 
supported the contention that the existing 
embankment stability could have been no 
better than marginal. Therefore, review of the 
evaluation program data concluded that the 
structural distress was caused by movement 
of the fill materials in a downhill direction. 
This fill movement had caused the abutments, 
as well as the bottoms of Pier 5s, to move in 
the same direction. Based on these observa
tions, the stability of the embankments had to 
be improved to remove the cause of the struc
tural distress. 

Another characteristic that the 8 dis
tressed elements shared was that each was 
founded on H-piles. However, an examination 
of the pile driving records, and the fact that at 
least one other column (the left column of 
Pier 4 for the eastbound highway) had also 
been placed on piles and showed no evidence 
of significant movement, suggested that the 
piles had probably been installed properly 
and were not the cause of the observed 
distress. 

Remedial Scheme Recommendations 
The search for an optimal remedial scheme 
concentrated on six alternative measures: 

1. Use anchor tiebacks to support abut
ment and Pier 5 foundations. 

2. Underpin the abutment and Pier 5 
foundations. 

3. Excavate fill to flatten the slope and 
extend the bridges. 

4. Flatten the slope by adding fill. 
5. Use vertical retaining structures in 

conjunction with adding fill to flatten the 
slope. 

6. Flatten the slope by adding fill to 



TABLE 1 

Stability Analyses Results 

c = o psf c = 200 psf c = 500 psf c = 1000 psf 

¢ FS ¢ FS. ,j; FS -;j; FS 

31° 0.95 24° 0.97 17° 0.96 10° 0.98 
35° 1.06 26° 1.05 20° 1.07 12° 1.07 

28° 1.12 28° 1.39 

the toe areas while excavating soil from the 
top portions of the embankments. 

Alternatives 1 and 2 had been suggested 
during the early phases of the project. At that 
time, the cause of the structural distress was 
still not known and it was considered possible 
that improperly designed foundations could 
have caused the distress. When the investiga
tion had progressed sufficiently to conclude 
that the unstable fill was the source of the 
problem, it was concluded that neither found
ation underpinning nor the use of tiebacks 
could halt additional movements. Alternatives 
4 and 6 also proved to be infeasible due to 
topographic constraints, right-of-way restric
tions, the requirement that Canoe Creek 
would have to be relocated, and the fact that 
the required additional fill would have 
imposed additional loads on Piers 1 and 4. 

Only Alternatives 3 and 5 appeared 
feasible. Preliminary cost estimates were 
prepared for both remedial schemes and 
presented to PennDOT. Because the cost of 
implementing Alternative 5 was significantly 
higher than that of Alternative 3, PennDOT 
decided to eliminate Alternative 5 from further 
consideration. 

Based on the conclusion that the embank
ments were in a state of failure, it was assumed 
that the factor of safety of the embankments 
was less than 1.00. However, because the rate 
of movement was very slow, it was assumed 
that the factor of safety (FS) was very near 
1.00. Therefore, the estimated factor of safety 
for a model fill cross-section was taken to be 
0.99. 

Four values of effective cohesion, c, 

TABLE 2 
Effective Cohesive Strengths 

& Friction Angles 

C cf> 

0 psf 32.5° 
200 psf 24.6° 
500 psf 17.9° 
1000 psf 10.2° 

covering the range of probable actual strength, 
were selected for use in stability analysis. The 
selected effective cohesive strength values 
were 0, 200, 500 and 1,000 psf. Several stability 
analyses were performed for each cohesion 
value while varying the effective friction angle, 
¢. The stability analyses yielded the results 
shown in Table 1. 

The results of the stability analyses were 
plotted on an effective friction angle versus 
factor of safety graph, as shown in the top 
portion of Figure 16. Individual values of effec
tive friction angles that would yield a factor of 
safety of 0.99 for each of the four effective 
cohesive strengths were obtained by linear 
interpolation as shown in Figure 16. The 
interpolation procedure yielded the combina
tion of effective cohesive strengths and friction 
angles as shown in Table 2, each of which 
resulted in a factor of safety of 0.99 for the 
model embankment. 

These four sets of calculated strength 
values were plotted and a curve was drawn 
through the data points as shown in the 
lower graph of Figure 16. This curve repre
sented all the possible combinations of effec
tive cohesive strength and friction angle that 
would produce a factor of safety of 0.99 for 
the model embankment configuration. Since 
the factor of safety of the four highway 
abutment embankments was previously 
estimated to be approximately 0.99, it was, 
therefore, postulated that the actual overall 
average strength parameters for the embank
ments would fall very near or on this curve. 

An effective angle of internal friction of 25 
degrees and an effective cohesive strength of 
200 psf were selected as being representative 
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FIGURE 16. Stability analysis for the bridges. 

of field conditions. Based on these strength 
parameters, factors of safety were obtained for 
regraded embankment configurations as 
shown in Table 3. Because of the vital signi
ficance of Highway 1-80 as a transportation 
corridor, PennDOT deemed it prudent to 
select the 2.5:1 slope. 
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To implement slope regrading and replace 
the damaged bridge components, the follow
ing bridge modifications were required (see 
Figure 17): 

• Replace all four abutments 
• Replace Pier 5 for both bridges 



• Remove the steel beams that com
promised the sixth span on the east end 
of each bridge because they had deter
iorated to a point that warranted their 
replacement 

• Extend the bridges by adding the follow
ing simply-supported spans: one 90-foot 
span for the west end of both bridges; 
two 118-foot spans for the east end of the 
westbound structure; and three 100-foot 
spans for the east end of the .eastbound 
structure 

• Add Piers 1-A and 6 for both bridges, and 
also a Pier 7 for the eastbound structure 
to support the new spans 

Abutment Foundation 
Recommendations 
PennDOT requested that the feasibility of 
founding the four abutments on spread foot
ings be investigated in order to decrease the 
overall construction costs. PennDOT bridges 
are normally supported by piles because of 
the generally held belief that they provide 
better support. This procedure is not unique 
to Pennsylvania. A recent survey conducted 
by the Federal Highway Administration 
(FHWA) found that 42 states require bridge 

TABLE 3 

Factors of Safety for 
Regraded Embankment Configurations 

Regraded Configuration Factor of Safety 

2:1 slope 1.3 
2:1 slope with 20-foot bench 1.4 
2.5:1 slope 1.5 

superstructures to be either founded on rock 
or supported by piles.2 Other studies have 
discovered that this requirement may lead to 
unnecessarily expensive designs without 
achieving the desired effect. Observations of 
the vertical and horizontal movements of 
previously constructed bridges provided 
evidence that on the average, the more 
expensive pile-supported structures performed 
no better than structures supported on spread 
footings. 3,4 

To determine the appropriate geotechnical 
parameters for the spread footing design, 
Borings EB-25, WB-26, EB-27, and WB-28 were 
drilled to determine the type of materials 

1'·3" 118'-0" c to c Brgs. 118'-0" c to c Brgs. 
1089'-5.5" ~2'-0" -

t New West 
A ut. 

Datum1150 

Datum1150 

Approx. Exist. 

/

Ground line_ 
underW.B.l 

~ \ ,,E~istin:_:~~ U.- ______ 1;~ :'.:'.i 

162'-0" 
Exist. Span 

/

Approx.Exist. 
Ground Line 
under E.B. ~ 

::~ ' f ~::!~~ -----•---,: 

Elevation: Westbound Lanes 

1155'-SS 

162'-0" 
ExistSp~ 

Exist. Span 4 .. f n~~ist. 
Pier 2 fix Pier 3 

Exist Span 

Span 5 

Elevation: Eastbound Lanes 

135'-0" 
Exist.Span 

Exist. Span 6 . 

New East Abut. 

hp .. Pier4 , -----:]l.1322.0 

LI • 
. ·R1 . 

. S t. - Pile Tip El. 1244.4 
. 3.0 Lt. _ P!le Tip El.1233.0 

. 1230.0 Rt Pile Tip 

SO 10Qf('('I 

FIGURE 17. The Canoe Creek Bridge cross-sections depicting redesigned configurations. 
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FIGURE 18. A view of the eastbound bridge after deck removal. 

FIGURE 19. Newly constructed eastbound 
highway east end abutment and wing walls. 
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present in the embankment beneath the 
locations of the abutments (see Figure 1 for 
locations). Because of the difficulty in obtain
ing undisturbed samples caused by the rocky 
nature of the fill, and because of the question
able validity of using SPT settlement predic
tion methods for the existing fill materials, 
pressuremeter testing was conducted in three 
of these four borings to facilitate the estimation 
of probable settlements. Boring WB-26 was 
not tested with th.e pressuremeter due to 
logistical constraints. 

Review of the pressuremeter data 
revealed that the settlement of the abutment 
foundations would be limited to approx
imately two inches. The previously mentioned 
bridge performance studies indicated that 
movements of this magnitude would not be 
detrimental to the Canoe Creek Bridges. The 
analyses were developed assuming footing 
pressures would not exceed 3,000 psf. Use of 
this allowable bearing pressure resulted in 
footing widths varying from 11 to 15 feet for 
the four abutments. A footing length of 37 feet 
and 10 inches was selected for each of the 



FIGURE 20. A view of the reconstructed Pier 
5. 

abutments, based on the width of the high
way. 

In addition to the pressuremeter method 
of settlement analysis, settlements were also 
estimated using consolidation test results and 
blow count data. Analysis of the consolidation 
test data from undisturbed samples yielded a 
settlement estimate of approximately three 
inches, or approximately 50 percent more than 
that obtained using the pressuremeter 
method. However, this approach contained 
an obvious bias because the samples tested 

FIGURE 22. Recently added Pier 6, recon
structed Pier 5 and original Pier 4 (shown left 
to right). Note the new, simply supported 
prestressed concrete box beams and regraded 
slope. 

FIGURE 21. Reconstructed Pier 5. 

for consolidation were not truly representative 
of the embankment materials. Collection of 
undisturbed samples was possible only in the 
softer and more compressible portions of the 
fill. Therefore, samples could not be obtained 
from the very granular, very dense, stiff to 
hard, as well as rocky zones encountered 
during the drilling program. Accordingly, use 
of consolidation parameters for this particular 
situation yielded overly conservative estimates 
of anticipated settlement. If one were to make 
a reasonable assumption that the materials 
tested for consolidation were 50 percent more 
compressible than the typical embankment 
material, use of consolidation data would have 

FIGURE 23. Newly constructed eastbound 
highway east end abutment and new box 
beams. 
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resulted in an estimated settlement of two 
inches. 

Use of the blow count data also resulted 
in maximum estimated settlements of approx
imately two inches. It should be noted that 
the materials encountered in the fill were not 
well suited for use of the settlement-blow 
count relationship criteria that better suits 
estimates of elastic compression. The presence 
of significant amounts of gravel and cobble
sized particles added to the questionable 
validity of this technique. Use of this method 
alone was not sufficient for confidently pre
dicting settlements at this site. Although the 
accuracy of this method may be somewhat 
limited in this case, it lent additional credibility 
to the results obtained using the other two 
techniques. 

The stability of the embankments was re
evaluated to determine the impact of the fill
supported abutment loads on the factor of 
safety against embankment instability. These 
analyses indicated that the effect of the addi
tional loading to be relatively minor, reducing 
the factor safety by only 0.02. 

Cost Savings 
In evaluating the cost savings to be achieved 
with the selection of the spread footing 
foundations, it was noted that concrete costs 
for the two alternatives would have been 
similar. The reduction in cost would therefore 
accrue from the elimination of the piles. 

Selection of an H-pile system, HP 12 x 53 
section, would have required the purchase 
and installation of approximately 4,500 feet of 
piling. By eliminating the piles, construction 
costs were lowered by approximately $90,000, 
assuming a pile cost of $20.00/foot. 

Current Project Status 
As of the spring of 1987, reconstruction of the 
Canoe Creek Bridges has been completed. 
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Figures 18 through 23 depict recent construc
tion activities. A monitoring program measur
ing settlement of the eastbound bridge abut
ments has been implemented. To date, the 
east and west abutments have settled 0.36 
and 0.24 inches, respectively. The abutment 
foundations are performing well, and it 
appears that total settlements will be within 
the 2-inch design criteria. 
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Case Study 

Slurry Wall 
Construction for a 
Cut-and-Cover Tunnel 

The use of slurry walls is not a 
common practice. However, they 
may pose satisfactory 
alternatives and consequences. 

PHILIP BONANNO, DONALD T. GOLDBERG & 
AMOL R. MEHTA 

A SLURRY WALL is a reinforced 
concrete wall that is constructed 
using the slurry trench method. 

Figure 1 shows the construction sequence of a 
slurry wall. A trench is dug in the ground 
alongside a completed wall panel. The trench's 
width is equal to the width of the slurry wall. 
The length of the wall panel is generally 
between 12 and 20 feet depending on the soil 
conditions at the site. The trench is excavated 
down to the required depth of the wall, and 
filled with bentonite slurry to its full height in 
order to prevent the vertical sides of the 
trench from collapsing. A prefabricated rein
forcing steel cage is lowered into the slurry 
trench. Tremie concrete is pumped into the 
trench replacing the bentonite slurry. The 
slurry walls are then interlocked to form a 
continuous wall as normally done for the 

exterior walls of a tunnel. 
The Massachusetts Bay Transportation 

Authority's (MBTA) Northwest Extension of 
its Red Line rapid transit service into the 
cities of Cambridge and Somerville represents 
the first time in the U.S. that slurry walls were 
used as a permanent part of a cut-and-cover 
structure. A total of approximately 600,000 
square feet of slurry walls were incorporated 
in the tunnel structure between Harvard 
Square and Alewife Stations where the exten
sion ends. The greatest amount of slurry wall 
construction, almost 440,000 square feet, was 
used as exterior structural walls for a two
and three-track tunnel structure constructed 
using the cut-and-cover method from the 
Davis Square to the Alewife Stations (see 
Figure 2). A breakdown of the amounts of 
slurry wall construction used for the North
west Extension project are shown in Table 1. 

The alignment of the cut-and-cover tunnel 
from Davis Square Station continued through 
Somerville within the right-of-way of the 
Boston & Maine Railroad, passing under 
Cameron Avenue and Massachusetts Avenue 
in Cambridge. From that point it travelled 
under Russell Field to Alewife Brook Parkway, 
passing under the Little River and under the 
Route 2 bridge. Figure 3 presents a view of 
the bridge. 
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Completed Wall Panel Completed Wall Panel 

End Stop 

/EodStop 
'~-------r---r.-~t - EBl===--Reinforcing Cage 

1-1-1-+-1-tt>-'---Tremie Pipe Bentonite --1---1 

Slurry 

a) 

Bentonite 
Slurry 

b) 

.. , Bentonite Slurry 

; ~Completed 
......,---,-,.....,._,~, :.; .. :: Wall Panel 

Tremie Concrete 

c) 

FIGURE 1. Slurry wall construction sequence: (a) excavation of a panel; (b) insertion of end 
stop in the excavated panel; and (c) placement of the reinforcing cage and the pumping of 
tremie concrete. 

The four-lane Route 2 bridge was required 
by the Massachusetts Department of Public 
Works to be kept in service for vehicular 
traffic for its entire width during the con
struction of the tunnel directly under the 
railroad track.1 To enable the tunnel construc
tion, the existing bridge embankment, abut
ments and piers required support and under
pinning. Very deep slurry walls in clay were 
utilized to provide support for the existing 
bridge piers. These slurry walls also served as 

Cambridge 

t-Off R.R. 

the permanent walls of the tunnel. The exist
ing bridge pier loads were transferred onto 
the tunnel roof prior to excavation. Excavation 
and bracing then continued under the roof 
until the construction of the invert slab was 
completed. Extensive monitoring of both the 
slurry wall construction and the existing 
bridge structure was performed throughout 
the construction period. Construction for the 
tunnel beneath the Route 2 bridge began in 
1980 and proceeded in three stages - con-

50mervi//e 

Harvey St. 

' I I 

R'.ussell, 
field 

FIGURE 2. Red Line NorthlVest Extension cut-and-cover tunnel location from the Davis 
Square to Alewife Stations. 
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struction of tunnel roof slab, excavation under 
the roof slab and construction of tunnel invert 
slab and intermediate walls. 

Design Considerations 
The Route 2 bridge is a three-span continuous 
structure that was built in 1933. It carries 
Route 2 over a now abandoned Boston & 
Maine Railroad track, and is supported by 
two spill through abutments and two inter
mediate piers. The span lengths are approx
imately 48, 43 and 48 feet, and the total width 
of the bridge is about 82 feet. The railroad 
track is located between the two piers. The 
superstructure consists of steel stringers with 
center span stringers encased in concrete. The 
substructure consists of approximately 33-foot 
high spill-through abutments and two 28-foot 
high piers. Each pier has a 3-foot concrete pier 
cap supported by ten 2.5-foot square columns 
spaced at 11.5 feet on centers. The pier 
columns are supported by a 6.5-foot wide by 
115-foot long continuous footing. 

The bridge is constructed on footing 
foundations that bear on fine-to-medium sand. 
The sand, in turn, is underlain by a very deep 
deposit of compressible clay. Since its con
struction in the 1930s, the bridge has exper
ienced approximately 2 feet of settlement as a 
result of the consolidation of this clay under 
the weight of the 25-foot high earth embank
ment above the original grade. 

The cut-and-cover tunnel section con
sisted of a 50.5-foot wide three-box tunnel 
located directly beneath the bridge piers (see 
Figure 4). The exterior walls of the tunnel 

TABLE 1 

Use of Slurry Walls as Part 
of Permanent Structure 

Location 

Harvard Square Station 
Cut-and-Cover Tunnel 
from Davis Square to 
North of Route 2 

Alewife Station 

·· Use, 
in sq. ft. 

68,000 

440,000 
92,000 

FIGURE 3. A photo of the Route 2 bridge. 

were 3-foot thick concrete slurry walls extend
ing 37 feet below the bottom of the invert 
slab. The roof slab and the invert slab were 4 
feet thick. The overall depth of the tunnel 
section between the top of the roof slab and 
the bottom of the invert slab was approx
imately 26 feet. The tunnel section consisted 
of two rows of interior walls supporting the 
tunnel roof. The center lines of bridge piers 
were located about 8.5 feet and 7 feet from the 
center lines of the exterior walls of the tunnel. 

Figure 4 shows that 34 feet of fill and 
fine-to-medium sand overlie the clay, extend
ing to a depth of approximately 140 feet. 
Glacial till underlies the clay. The clay is stiff 
near its upper horizon, but is of medium 
consistency with blow counts of four or less 
below the stiff upper crust. While deep con
solidation tests are lacking for this particular 
area, this formation is typical of Boston clays 
that exhibit normally consolidated character
istics below depths of about 80 to 90 feet. 

The shear strengths of the clay, as deter
mined from two field vane borings, averaged 
about 1,400 psf within the depth range of the 
slurry wall (about 75 feet). The shear strength 
of the clay between the depths of approx
imately 75 and 100 feet averaged about 1,100 
psf. 

Figure 4 indicates that an approximately 
40-foot deep excavation lies adjacent to a 25-
foot highway embankment for a total depth 
from the pavement to the bottom of the 
excavation of approximately 65 feet which 
requires lateral support. 

The requirement that Route 2 be kept in 
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Stiff Clay 

Medium Clay 
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18' 

Invert Slab 

Slurry Wall 

FIGURE 4. A cross-section of the tunnel beneath the Route 2 bridge. 

service for vehicular traffic for its entire width 
during the construction of the tunnel posed 
several geotechnical challenges: 

• development of an underpinning 
scheme 

• maintaining embankment stability 
• prevention of excess settlement 

The major structural factors that had to 
be considered during design were: 

• the three-box tunnel section had to be 
capable of supporting the two bridge 
piers 

• the tunnel section had to be capable of 
withstanding lateral pressures from 
abutment surcharge in addition to soil 
and ground water pressures 
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The major issues to be considered during 
the construction of the tunnel and the under
pinning of the bridge were: 

• there was limited vertical clearance and 
narrow horizontal width available 
under the bridge 

• performing the actual construction 
without interfering with traffic on the 
bridge 

Geotechnical Considerations 
The principal geotechnical issues were further 
defined as: 

• determining the depth requirement of 
the slurry wall for underpinning 

• containing lateral earth pressure against 
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FIGURE 5. Design pressure diagrams for (a) a continuous wall and (b) for a wall with a hinge. 

the slurry wall 
• controlling loads on internal bracing 
• maintaining the base stability of the 

excavation 

Underpinning. An early task was to evalu
ate the site using the slurry wall as the under
pinning element rather than piles extending 
into the till at great depth. To a large measure, 
the feasibility of this alternative depended on 
whether or not the slurry wall had to extend 
to the glacial till (about 140 feet deep) or 
whether the load applied to the wall could be 
transferred to the surrounding soil by a com
bination of adhesion (side friction) and end 
bearing. The vertical reactions on the slurry 
wall due to supporting the bridge, the soil 
cover over the tunnel roof and the weight of 
the tunnel roof, as well as all of the lateral 
pressures acting on the wall, were calculated. 
Analytical studies demonstrated that the 
slurry wall did not have to extend to the till 
and that the load could be transferred to the 

surrounding soil. 
The geotechnical analysis considered two 

conditions. The first was the short-term 
condition using undrained shear strength 
parameters of the clay. The second used effec
tive stress parameters (drained analysis) 
following pore pressure dissipation. The 
parameters used in this analysis are given in 
Table 2. 

The rationale for the reduction in soil 
parameters from the in-situ condition to the 
in-contact-with-slurry wall condition was 
derived from published data.2 Some of the 
reasons for this reduction are due to the 
remolding of the clay during excavation and 
the existence of bentonite mudcake along the 
sand interface. The results of the analysis 
yielded a factor of safety of 2.0 with a 35-foot 
slurry wall extension below the bottom of the 
excavation. 

Lateral Pressure. The pressure diagram 
shown in Figure 5 presents the net lateral 
earth pressure against the slurry wall (the 
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FIGURE 6. Modes of potential shear displacement: (1) represents conventional base instability; 
and (2 & 3) "Swedish" circular arcs. 

difference between the pressure on the outside 
of the wall and the passive pressure on the 
inside of the wall). It includes the sum of 
loading from earth, water, the embankment 
and the bridge abutment. 

Control of Load on Bracing System. The wall 
depth requirement was dictated by the adhe
sion requirements for vertical load transfer. As 

TABLE 2 

Soil Parameters (Average) 

Clay 
Shear Strength 
Friction 
Cohesion Intercept 
Sand 
Friction 

Assumed in Contact 
In-Situ With Slurry Wall 

1,400 psf 
</> = 28° 
C = 150 psf 

</> = 26° 

0.70 X 1,400 = 900 psf 
</> = 2/3 X 28° = 18.5° 
C = 2/3 X 150 = 100 psf 

</> = 1/2 X 26°= 13° 
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shown in Figure Sa, extension of the wall 
below the bottom of the excavation produces 
greater loads because of the relative stiffness 
of the wall compared to that of the soil, and 
the weakness of soil. This load not only 
imposes large bending moments on the wall 
but also high forces in the bracing system, 
particularly at the bottom strut level. This 
situation led to the concept of designing a 
hinge into the wall by crossing reinforcing 
steel into an X-shaped configuration approx
imately 10 feet below the bottom of the 
excavation. The rationale for this scheme was 
that the hinge would relieve moment and, 
thus, horizontal forces on the wall and the 
strut system. This design would require a 
thinner slurry wall and would lower the 
amount of reinforcing steel required in the 
wall than would be necessary if the wall were 
designed to resist the cantilever moment act
ing on the 35-foot length of the wall below 
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FIGURE 7. Settlement of underpinned intermediate piers. 

the invert slab (see Figure Sb). 
Overall Stability. Figure 6 presents the 

modes of potential shear displacement that 
were studied as part of the geotechnical 
analysis. Mode 1 was a conventional analysis 
using bearing capacity relationships. In this 
case, the pressure difference between the 
inside and outside of the wall at the full depth 
of excavation was determined. Dividing the 
ultimate bearing capacity by the pressure 
difference yielded the factor of safety. Modes 
2 and 3 were conventional "Swedish" circular 
arcs analyzed by the method of slices. These 
analyses furnished a factor of safety of 
approximately 2.0. 

Field Perfonnance. Bridge settlement was 
measured at the underpinned intermediate 
piers and at the adjacent non-underpinned 
bridge abutments. Figure 7 shows the settle
ment of the underpinned intermediate piers. 

The data reveal approximately 2 inches of 
settlement. Approximately half of this settle
ment occurred during the period of slurry 
wall excavation and roof slab placement. The 
remaining settlement was in response to the 
excavation. Approximately 0.5 inch of this 
response settlement occurred between the 
placement of B-level struts (elevation 90) and 
the C-level struts (elevation 82). The ultimate 
depth of excavation was to elevation 75. 

Figure 8 shows approximately 3 inches of 
settlement at the bridge abutments. As in the 
case of the intermediate piers, approximately 
1 inch of settlement occurred during the place
ment of the slurry wall and the roof slab. The 
remainder was in response to the excavation. 

Measurements of the lateral displacement 
of the slurry wall were performed using 
inclinometer instrumentation located imme
diately outside the slurry walls. The data 
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FIGURE 8. Settlement of bridge abutments. 

shown in Figure 9 reveal an inward rotation 
of the wall in response to the sequential stages 
of tunnel excavation. Of particular interest 
are: the point of discontinuity at the location 
of the hinge; the relatively smaller movement 
at the lowest extremity of the wall; and essen
tially zero movement at the clay below the 
bottom of the wall. The greatest inward dis
placement was approximately 1.7 inches at 
the· hinge point, confirming the design 
assumption that rotation at the hinge point 
would relieve wall moments due to lateral 
pressure acting on the wall below the hinge. 

Structural Design Considerations 
A typical three-box cut-and-cover tunnel 
section for the Red Line Northwest Extension 
was analyzed with the slurry wall acting as 
an earth-retaining structural system during 
the construction of the tunnel box, and then 
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with the slurry walls and roof slab acting as a 
structural rigid frame resisting all lateral and 
vertical loads existing on the · tunnel invert 
slab and end bearing of the bottom of the 
slurry walls. The connections between the 
invert slab and slurry walls were designed for 
shear transfer. 

For the underpinning design, the tunnel 
roof slab was used as the underpinning beam 
to support the bridge piers. The roof slab of 
the tunnel needed to be constructed first 
between the slurry walls in order to support 
the piers while the excavation beneath the 
roof slab could be carried out to complete the 
tunnel section. This method of cut-and-cover 
tunnel construction is commonly known as 
the Milan method. Thus, the tunnel section 
was analyzed for various construction condi
tions and for its completed condition. 

The total reaction at each pier from dead 
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FIGURE 9. Inclinometer data showing lateral displacement. 

and live bridge loads was calculated to be 20.5 
k/lf. The soil cover over the tunnel roof slab 
imposed a dead load of 1.4 k/lf. The thickness 

of the roof slab was 4 feet and the invert slab 
was 4 feet thick. The tunnel section required 
3-foot thick slurry walls. The railroad track 
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over the tunnel roof was abandoned and was 
not a factor in the design. However, the tunnel 
was designed to support a live load of 0.6 k/lf. 
All of the lateral pressures acting on the tunnel 
structure were determined by geotechnical 
analysis. 

The structural members of the tunnel 
were then designed for a worst loading condi
tion. The design was analyzed for each stage 
of construction: 

Stage 1. The tunnel roof slab was analyzed 
as a fixed slab between the slurry walls 
supporting the bridge pier reactions. 

Stage 2. After completion of the excava
tion under the roof slab between the tunnel 
exterior walls, the structural frame consist
ing of the slurry walls and the roof slab 
was analyzed for loads from pier reactions, 
soil cover on the roof slab, live load and the 
lateral pressure from soil, and groundwater 
and surcharge loads from the bridge abut
ments. The contractor was required to 
analyze the exterior slurry walls to deter
mine the location of temporary struts 
required for bracing during construction. 

Stage 3. After construction of the 
tunnel invert slab and intermediate walls, 
the tunnel section was analyzed for, all 
vertical and lateral loads including the 
reactions from the bridge. 

The loads from the bridge piers are 
supported by the tunnel roof slab, and are 
transferred to the slurry walls through 
moment connections between the roof and 
walls and then transferred to the ground by 
friction between the soil and the slurry walls. 
This analysis required that the depths of the 
slurry walls be approximately 36 feet below 
the bottom of the tunnel invert slab. Since it 
was impractical to design such a long slurry 
wall below the invert slab in order to resist 
moments due to lateral loads, the walls were 
designed with hinges at a depth of 10 feet 
below the invert slab. The lateral loads acting 
on the walls below the hinges were transferred 
to the wall portion above the hinges as shear 
forces. The loading diagrams for the various 
construction stages are shown in Figure 10. 
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Construction Considerations 

The actual construction of the tunnel section 
under the Route 2 bridge was modified during 
construction. The roof slab was raised by 
approximately 4 feet and was cast just above 
the bridge pier footings (see Figure 11). The 
pier reactions were transferred to the tunnel 
roof slab by shear friction by inserting dowels 
between the pier columns and the roof slab. 
After completing the construction of the 
tunnel roof to underpin the bridge piers, the 
construction of the remaining tunnel section 
was performed beneath the roof slab (see 
Figure 12). Limited low vertical clearances of 
approximately 21 feet under the bridge and 
the required slurry wall panel depths of 
approximately 71 feet further affected con
struction and necessitated additional construc
tion modifications. 

Equipment. In order to accommodate the 
low clearance, a special low head boom was 
fabricated to fit a 60-ton crawler crane. The 
excavating bucket was designed and fabri
cated so that the maximum height in the 
closed position was only 12 feet (see Figures 
13, 14 & 15). The bucket height of 12 feet 
enabled the bucket to be dumped into a front 
end loader bucket and then subsequently 
deposited into a truck for final disposal. 

Slurry Wall Panels. The panel widths were 
limited to 9 feet for secondary panels and 14 
feet for the primary panel. Since the primary 
panel had to be excavated 18 feet to accom
modate the placement of the end stops, the 
9-foot multiple worked very well as the 
secondary panel width. 

Reinforcing Cages. Since the head room 
available was only 21 feet, the reinforcing 
steel cage for the slurry wall could not be 
built at full depth. Instead, the cages were 
built in place in approximately 15-foot sec
tions. Each section was connected to the 
previous section using bar grip compressed 
couplers and then lowered into the wall cavity 
(see Figure 16). 

End Stops. The end stops, or bulkheads, 
also had to be set in approximately 15-foot 
sections due to limited clearance. The bulk
heads were 36 WF 150 beams. These sections 
were bolted to each other and lowered into 
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FIGURE 10. Loading diagrams for the tunnel's three construction stages. 
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FIGURE 11. Pier footing and reinforcing steel 
for the roof slab and slurry wall connection. 

the wall cavity in the same manner as the 
reinforcing steel cages. Crushed stone was 
then placed on the outside of the end stop to 
prevent any movement of these members as 
the concrete was placed. 

Concreting. Concrete was placed using a 
tremie pipe consisting of 8-foot sections. Two 
tremies were used in the 14-foot slurry wall 
panel and one pipe was used in the 9-foot 

FIGURE 13. Low head boom on crane. 
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FIGURE 12. Tunnel construction under the 
roof slab. Note the pier footings supported by 
the roof slab. Reinforcing bars hanging below 
the roof slab are for tunnel interior walls; 
steel beams are for temporary bracing. 

panel. . 
Installation Techniques. Installing slurry 

walls in areas of restricted head room requires 
certain modifications to the normal slurry wall 
installation techniques. Since the restricted 

FIGURE 14. Limited clearance under the 
bridge. 



FIGURE 15. Excavation of the slurry trench 
for the slurry wall. 

head room forces the excavating machine to 
have a short boom, vertical alignment of the 
excavated hole is very difficult to maintain. 
This situation was especially true for the deep 
panels that were required for the Route 2 
bridge. The main load line was so short that 
any slight misalignment resulted in a panel 
that was not vertical. The installation of both 
end stops and the reinforcing steel cage in 
non-vertical panel excavation was unachiev
able. The excavating bucket used possessed 
three digging teeth on one leaf of the bucket 
and two teeth on the other half. This slight 
variation along with the short load line caused 
the side of the panel excavation with three 
teeth to drift slightly toward the side with 
two teeth. This drift was not discovered until 
the test template was inserted into the panel 
hole. This particular panel had to be re
excavated. The corrective action taken on 
subsequent panels was to rotate the digging 
bucket as the panel was being excavated. The 
resulting alternation of the three-teeth and 

FIGURE 16. Lowering the reinforcing cage 
into the slurry trench. 

two-teeth leafs prevented the drift that had 
previously occurred. All other panels were 
excavated with no problems. 

Conclusions 
The construction of the cut-and-cover tunnel 
under the Route 2 bridge provided an interest
ing design and construction challenge due to 
such factors as the underpinning of the exist
ing three-span continuous bridge, limited 
vertical and horizontal clearances, extension 
of clay to about 140 feet below the ground 
surface, and support of lateral pressures due 
to the bridge abutment and embankment. 

The geotechnical analysis determined the 
depth of the slurry wall and the lateral 
pressures for maintaining the base stability. 
The structural analysis of the tunnel section 
was carried out based on the geotechnical 
parameters and also to support the bridge 
reactions to underpinning. The construction 
techniques were modified to adapt to the 
restricted clearances, and vertical settlements 
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and lateral ground movements were moni
tored during construction. The project was 
successfully completed in 1984, fulfilling the 
stipulation that traffic over the bridge not be 
impeded, and for a bid price of $52 per square 
foot for the slurry wall construction. 
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Design & Application 

Floating Breakwaters for 
Small Craft Facilities 

Floating breakwaters represent a 
viable alternative for wave 
protection. The selection of the 
type of floating breakwater, and 
its design, depend heavily on site 
conditions and ultimate 
application. 

JOHNW. GAYTHWAITE 

W HILE THE CONCEPT of floating 
breakwaters (FBWs) is not new, 
their use is not very widespread. 

However, the demand for increased berthing 
space primarily for recreational small craft has 
stirred interest in the use of FBWs for wave 
protection. More exposed locations are being 
considered for marinas and small craft facili
ties, posing significant problems in providing 
suitable wave protection. Current environ
mental regulatory policies and issues have 
made FBWs a more attractive option to the 
conventional rubble mound or fixed barrier 
type of breakwaters because they have 
minimal impact on water circulation and the 
marine or lacustrine habitat. Since FBWs are 
transportable, they can be removed or re
located if necessary. This mobility also means 

that FBWs are adaptable to prefabrication and 
off-site construction. A FBW is often less 
expensive to construct than a conventional 
breakwater, especially in deep water. 
However, a direct cost comparison is difficult 
to make, since an FBW does not offer the 
same degree of wave protection as a rubble 
mound breakwater, for example, and main
tenance costs are typically greater. 

Floating breakwaters reduce incident 
wave heights (their lengths and periods 
remain unchanged) by converting wave 
energy via reflection, absorption and dissipa
tion through turbulence created by inducing 
breaking and by friction. FBWs do not stop all 
wave action, but rather reduce wave heights 
to acceptable levels under certain specified 
conditions. FBWs become impractical for small 
craft applications when the incident wave 
period exceeds approximately four seconds. 
With the exception of severe storms, such 
short period waves usually occur in relatively 
shallow protected bays or lakes, where the 
fetch (the uninterrupted distance over which 
waves can develop) does not exceed two to 
three miles and perhaps up to five miles 
under certain circumstances. FBWs are essen
tially wave transparent to longer period ocean 
swells and seiche motions. In addition, the 
applicability of an FBW depends on: 

• the degree of exposure, 
• variation in water depth and intervening 
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islands over the fetch, 
• tide range and currents, 
• ice conditions, 
• the annual/seasonal wave climate, 
• frequency and severity of storms, and 
• the degree of protection required. 

Usually wave heights of less than one 
foot should be maintained within marinas. 
For fishing and larger commercial vessels, 
greater transmitted wave heights may be 
allowable. 

Several sources, including the proceedings 
of two specialty conferences on FBWs, describe 
the current knowledge on FBWs.1,2,3,4 However, 
much of the considerable body of literature 
on FBWs is highly theoretical or describes 
only a particular installation. Very little infor
mation is oriented toward the general FBW 
design problem and, in specific, on the design 
and application of FBWs to wave protection 
for small craft (i.e., yachts and commercial 
vessels generally under 50 to 60 feet length). 
Engineering investigations for design should 
properly include site-specific wave measure
ments and/or numerical models to determine 
the wave climate as well as physical and/or 
numerical modeling to verify FBW wave trans
mission characteristics and mooring loads. 
However, the designer is most often forced to 
proceed without the benefit of such informa
tion due to the high costs involved in securing 
that data. 

One alternative type of FBW, floating tire 
breakwaters, have received a great deal of 
attention, especially during the 1970s. This 
attention was presumably due to their low 
cost and ease of construction, and that they 
provided a way to dispose of a plentiful and 
durable waste material. Floating tire break
waters consist of bundles of scrap tires bound 
together in various arrangements. Design 
guidelines exist for floating tire breakwaters,5,6 

and there is a considerable body of literature 
on their practical application.7 However, they 
have a relatively low effectiveness, are prone 
to break-ups, and are considered unsightly by 
many. 

Wave Climate & Design Criteria 
The feasibility of employing an FBW at a 
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given site must be established after a pre
liminary assessment of the local wave climate 
has been made and the relative merits of 
alternative wave protection, or even no protec
tion, have been compared. Such a comparison 
should include the relative total cost and 
cost/benefit; e.g., the cost per marina slip, 
construction costs, maintenance and life cycle 
costs, regulatory and licensing status in light 
of relative environmental impacts, and the 
degree of protection that will be required and 
afforded by a given breakwater type. The 
various design parameters for each alternative 
form a feedback loop in the evaluation process. 
Figure 1 summarizes some of the key aspects 
in the FBW design process. 

The single most important step in the 
design process is the evaluation of the local 
wave climate. In general, wind-generated 
waves and, at some locations, vessel wakes 
will be controlling factors in the FBW' s design 
requirements. For this evaluation, records of 
actual wave measurements are desirable. 
However, the wave climate is most often 
"hindcast" from wind records used with 
nautical charts to determine the water depths 
along the fetch, F., the distance over which 
the wind blows uninterrupted from a given 
direction. Preliminary estimates of wave 
heights, H, and periods, T, can then be made 
for a given wind speed and duration using 
methods provided by the U.S. Army Corps of 
Engineers' Shore Protection Manual, Vincent and 
Lockhart, and Grosskopf and Vincent.8,9,10 If 
sufficient data is available, then annual and 
monthly (or seasonal) histograms of wave 
height can be prepared. Also, a long-term 
probability distribution of the maximum 
expected wave conditions should be prepared 
that is based on the frequency and duration 
of storm conditions for winds from a given 
direction. 

Because the effectiveness of an FBW is 
determined primarily by the length of the 
wave to be attenuated, it is the wave period, 
T, that is of prime importance, more so than 
the height. Wave length is related to the wave 
period in deep water by L = 5.12T2. Deep 
water is commonly defined as a water depth, 
d, that is greater than half of the wave length 
(d > L/2). This equation for wave length can 
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FIGURE 1. Floating breakwater design procedure summary flow chart. 

be assumed to be valid for most applications 
since the deepwater relationships of the first 
order sinusoidal wave theory may be applied 
within transitional water depths as shallow as 
d > L/5 with a less than 10 percent error. 

However, the sea surface is composed of 
ill-defined waves of various heights and 
periods. One way to make some degree of 
order out of such "chaos" is to characterize 
the sea state in terms of the wave energy 
present. Since the energy per unit of sea 
surface is proportional to the square of the 

individual wave heights, a sea spectrum can 
be described whereby the total spectral 
energy, S (w)' can be represented as a function 
of the wave frequency, f = 1/T; or, for 
mathematical convenience, the circular fre
quency, w = (2rr)IT. Figure 2 presents a family 
of spectra based on the Bretschneider spectral 
format.11 Michel presents a simplified explana
tion of sea spectra and spectral techniques.12 

A spectral peak period, TP, where most of the 
wave energy is concentrated can then be 
defined for a given sea state. The spectral 
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FIGURE 2. Floating breakwater design conditions - family of wave spectra for varying sea 
states. 

peak period is also used to determine the 
effectiveness of a particular FBW. The family 
of spectra shown in Figure 2 has been 
developed for a specific site and assigned 
statistical return periods. It illustrates the shift 
towards the low frequency (longer period) 
end of the spectrum as wind speed and dura
tion increase. 

Within relatively protected bays, lakes 
and harbors, durations on the order of half an 
hour are typically required for the steady
state condition known as a fully-developed 
sea to exist. Waves incident upon the FBW 
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may be modified by refraction, shoaling and 
diffraction effects, but the total wave climate 
over time at the site is otherwise completely 
defined by the family of spectra. In practice, 
the exact spectral shape will vary somewhat 
from the idealized format shown. However, 
the peak period and its height distribution 
can be correlated with a given wind speed 
associated with a particular statistical return 
period. The significant wave height, H., is 
defined as the average of the highest one
third in a particular sample. The maximum 
wave height that may be obtained approaches 



2 * H., and the highest 10 percent (H1110) are 
approximately 1.3 * H •. A general description 
of wave statistics and other aspects of the 
marine environment are provided in an earlier 
work.13 Wave steepness, H/L, may have an 
important effect on FBW performance. In 
protected, relatively shallow water, wave 
steepnesses are typically within the range of 
119 s; HIL s; 1117. Waves theoretically break 
when they reach a maximum steepness of 1/7 
and when they enter water of depth d s; 1.3 * 
H. 

The wind wave climate may also be 
affected by the tide range and the presence of 
currents. Sites exposed to long period waves, 
such as ocean swells and harmonic oscillations 
known as seiche or harbor surging, will be 
likely to be found unsuitable, since FBWs are 
essentially wave transparent at longer wave 
lengths. Furthermore, an FBW may develop 
its own harmonic motions within the usual 
range of ocean swell periods. Enclosed basins, 
especially those with relatively steep and 
smooth sides may be subject to further wave 
agitation due to reflected waves from the 
basin sides. The placement of a breakwater 
can actually increase wave agitation under 
certain circumstances, such as in the case of 
"trapped" boat wakes, which should be con
sidered in the original planning and siting of 
an installation. 

Waves caused by vessels are dependent 
on vessel speed, draft and water depth, and 
their heights tend to diminish rapidly with 
distance from the sailing line. For yachts and 
harbor craft travelling at less than 10 knots, 
wave lengths will typically be less than 40 
feet, and heights will be less than approx
imately 2.5 feet at 100 feet or more from the 
sailing line.14•15 

Once the wave climate has been defined 
and other environmental and site conditions 
determined as outlined in Figure 1, a level of 
acceptable wave heights within the mooring 
area must be determined so that FBW min
imum performance criteria can be established. 
Since acceptable wave heights are a subjective 
judgment, such criteria will vary with the 
nature of the facility; i.e., commercial vs. 
recreational, size and type of the average boat 
size, distribution of boat sizes, operator 

experience and vessel orientation to incident 
waves. For yachts, the consensus seems to be 
that wave heights should be kept below 8 
inches to 1 foot most of the time and, perhaps, 
1 to 1.5 feet for commercial type vessels. 
LeMehaute has reviewed wave height and 
harbor agitation criteria for a wide range of 
marine facilities.16 A study performed for the 
Canadian Fisheries and Ocean Department, 
Small Craft Harbors Branch, has developed 
provisional criteria for a "good" wave climate 
within small craft harbors that takes into 
account wave period, vessel orientation to 
waves and the frequency for exceeding a given 
wave height.17 Since it is impractical to main
tain a desirable minimum level of disturbance 
within the mooring area at all times, certain 
design thresholds can be defined whereby 
wave heights are maintained within the 
prescribed limits under specified conditions. 
Each spectral curve in Figure 2 illustrates a 
threshold limit for the site in question where 
the design conditions have been defined as 
follows: 

Normal and Maximum Operating Condition. 
The FBW is effective in reducing incident 
wave heights, H;, by approximately 75 and 
50 percent, respectively, corresponding to 
sustained wind speeds of up to approx
imately 30 knots. 

Storm Design Condition. The FBW wave 
attenuation is reduced to approximately 50 
to 25 percent, but the structure remains 
fully intact corresponding to sustained wind 
speeds from 30 to 45 knots. 

Suroival Condition. Wave attenuation is less 
than 20± percent, and minor structural 
damage may occur although the hull and 
moorings remain intact. This condition 
corresponds to a 50- to 100-year storm 
event during which vessels should be 
removed from the site if possible. 

Figure 3 illustrates the required FBW 
performance characteristics under the condi
tions cited above for a proposed FBW design. 
The transmission coefficient, Ct, is defined as 
the ratio of the transmitted wave height to 
the incident wave height, or Ct = H/H;. 
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FIGURE 3. Minimum required wave attenuation performance for design conditions. 

Design Considerations 

The analytical treatment of the general 
problem (e.g., wave transmission, motions and 
mooring forces) of a restrained floating body 
is a complex task. A practical solution is even 
more complicated by the need to properly 
evaluate the hydrodynamic added mass and 
damping coefficients that are non-linear func
tions of the relative water particle accelerations 
and velocities, respectively. Adee and Martin, 
and Yamamoto, et al., furnish the theoretical 
background for evaluating motions and forces 
on moored floating objects.18,19 

Figure 4 provides a definition sketch that 
illustrates the dimensions for a typical rec
tangular prism type of FBW. In. addition to 
the incident and transmitted waves, the figure 
defines a reflected wave, with a height, H,, 
that propagates seaward and that may form a 
standing wave pattern in front of the FBW. 
For the case of perfect reflection without other 
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energy losses, H;, H1 and H, are related by H;2 
= H/ + H/, A FBW commonly possesses three 
degrees of rotational freedom - termed roll, 
pitch and yaw - and three degrees of transla
tional freedom - termed heave, surge and 
sway. Of these motions, heave (the vertical 
rise and fall), roll (rotation about the longi
tudinal axis) and sway (translation in the 
direction of wave advance) are critical to FBW 
performance. In particular, sway motion has 
the greatest effect on wave transmission and 
is restrained by the horizontal force com
ponent of the mooring line. Gravity is a 
restoring force for heave and roll. Therefore, 
both heave and roll exhibit free natural periods 
that are affected only slightly by mooring 
restraint. 

Under most conditions, the more rigidly 
fixed and steady the FBW remains under wave 
excitation, the greater the wave attenuation 
will be and the higher the mooring loads will 
be. FBWs may be moored rigidly to piles or 
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FIGURE 4. A floating breakwater definition sketch. 

dolphin clusters, or spread-moored with chain, 
cable or rope mooring lines to fixed bottom 
anchors. Pile anchor systems require suitable 
bottom conditions and are subject to high 
mooring loads, slamming and wear, and there
fore are employed less often than spread 
moorings. 

The selection of the hull type, or cross
sectional shape, for an FBW is important from 
a cost and construction perspective. Three 
basic hull types are: 

• the solid rectangular prism, as 
represented by a barge 

• the catamaran hull consisting of two 
parallel rows of pontoons or floats inter
connected by a cross-structure ( the caisson 
type is considered to be a special case of 
catamaran since its two pontoons are 
cross-connected by a cross-float that forms 
rectangular cells in plan view) 

• the raft type of FBW consisting of 
independent hulls or pontoons moored 
lengthwise to the direction of the wave 

attack and loosely interconnected with 
cables or chains and having a gap width 
between hull units approximately equal to 
the hull width 

The first two types are predominantly 
vertical wall sided reflecting FBWs that reduce 
incident wave energy primarily by reflecting 
them back seaward. The raft FBW dissipates 
wave energy by inducing wave breaking and 
creating turbulence. It reflects a only small 
amount of incident wave energy back sea
ward. 

FBW Performance 
Predicting FBW wave attenuation performance 
under prescribed conditions is the central 
focus of design. Due to the many interacting 
factors, model test and prototype data cannot 
necessarily be scaled or extrapolated to a 
specific case with a high degree of reliability. 
Limited prototype data exists for catamarans20 

and for prism21 hulls. Model tests have been 
carried out on a wide variety of hull types, 
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FIGURE 5. Comparison of wave transmission coefficient data for selected floating breakwaters. 

but most commonly on prismatic cross
sections. 22,23,24 

Figure 5 presents a comparison of the 
transmission coefficient from selected model 
and prototype data. Direct comparisons can
not be made between hull types due to 
differences in mass, mass moment of inertia, 
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materials of construction, anchor system 
characteristics, etc. C1 is plotted as a function of 
circular frequency, w, with the family of design 
spectra from Figure 2 as background for 
comparison purposes. The relation of the 
spectral peak to the value of C1 at that 
frequency largely determines the effectiveness 
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FIGURE 6. Incident and transmitted wave spectra for a raft type floating breakwater. 

of the FBW. 
An example of the spectral analysis 

technique is illustrated in Figure 6 for a raft 
FBW. The transmitted wave spectrum is pro
duced by multiplying each ordinate of the 
incident wave spectra by the square of C1• The 

root mean square of the wave height is 
obtained by taking the square root of the area 
under the curve, As<wY and the significant wave 
height is determined by Hs = (2A51w)°2• For the 
sea condition for the example shown in Figure 
6, the raft has reduced the incident significant 
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FIGURE 7. A raft type floating breakwater in action at Spinnaker Island Marina, Hull Bay, 
Massachusetts. Hull units are precast concrete with rigid foam floatation. Units are inter
connected with chains. Tires serve as buffers and increase energy dissipation between units. 
(Photo by Eric Foote, Sandcastle Associates.) 

wave height by better than 50 percent. Figure 
7 shows such a FBW in action at Spinnaker 
Island in Hull Bay, Massachusetts. 

Transmission coefficient data is often 
presented in terms of the breakwater width 
or beam, B, to wave length ratio, or BIL. This 
scale has been added to Figure 6 for the FBW 
shown in Figure 7, which illustrates the com
paratively good performance of this FBW for 
BIL 2:: 1.0±, and which diminishes rapidly as 
the wave length increases. 

Figure 5 also indicates that a catamaran 
or prism (reflecting) FBW requires only 
approximately one-half of the width of a raft 
FBW to provide the same degree of wave 
protection. Reflecting FBWs are typically effec
tive up to BIL = 0.5±, and are of little use 
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beyond BIL = 0.2. The curves for the Friday 
Harbor, Washington, and Tenakee, Alaska, 
FBWs were smoothed from data presented by 
Adee, and Adee, Richey and Christensen.4,20 

These FBWs have proven to be among the 
most successful of permanent FBW installa
tions. The Friday Harbor FBW was constructed 
of continuous timber decking and cross
structure on polyolefin floats. The Tenakee 
FBW consists of rigid foam-filled concrete units 
post-tensioned together to form modular cells. 
The raft type curve shown in Figure 5 is 
based on model test data at 1:10 scale.25 The 
curves for the rectangular prism have been 
scaled from Isaacson and Fraser for two 
different widths to illustrate the effects of 
increasing B for a given FBW type.23 The 



curve for the wider FBW indicates that it will 
provide greater protection under the survival 
storm condition. For most conditions, BIL is 
the key parameter in predicting FBW perfor
mance. 

The transmission coefficient is also a 
function of other important non-dimensional 
parameters that must be considered in eval
uating model test results; i.e., Ct = f (BIL, HIL, 
dlD, BID, BIA) for the case of a freely floating 
body. The effects of the mooring line restraint 
in terms of anchor scope, Sc = l/d, mooring 
spring constant, k, and relative density must 
also be considered.23•24 Of these non-dimen
sional parameters, wave steepness, HIL, water 
depth to draft ratio, dlD, and the degree of 
mooring restraint are generally the most 
important. Increasing wave steepness and 
mooring tautness typically decrease the value 
of Ct. To maximize FBW effectiveness, the 
minimum length of the FBW, A, should be at 
least 3 to 5 times the maximum wave length 
that must be attenuated, depending on the 
width of shadow zone (protected area inside 
of the FBW) required and the end boundary 
conditions. End boundary conditions refer to 
whether waves are free to pass around either 
end of the FBW, or whether one end connects 
with the shoreline or other structure, or tails 
off into shallow water. 

Buoyancy & Stability 
The FBW hull must possess sufficient reserve 
buoyancy to support the weight of its mooring 
chains at high water (including the downward 
component of the mooring force), plus addi
tional weight from fouling growth, possible 
water absorption by concrete, wood or flota
tion materials, ice, navigation lights and 
appurtenances, etc., and remain stable under 
the moving weight of inspection personnel. 
Excess freeboard (the height of the hull above 
the water line), except as otherwise required 
for visibility and reducing wave overtopping, 
is discouraged, since it may increase heave 
and roll motions as well as wind and wave 
exposure. Minimum trim and list requirements 
will vary with the structural type. 

Basic hydrostatic data to be calculated for 
hull units include displacement (A = total 
weight of the FBW unit), center of gravity and 

buoyancy, moment to trim one inch and 
pounds per inch immersion from which the 
metacentric height can be calculated, which in 
turn can be used to calculate the free natural 
periods of heave and roll in accordance with 
standard naval architecture texts. Hulls, 
pontoons and buoyancy chambers should 
have floodable spaces, except those areas 
intended for ballast, filled with a rigid (closed
cell foam) buoyancy material. The overall mass 
density of the FBW structure should be as 
high as possible to minimize motion response. 

Mooring Loads & Anchor System 
The evaluation of mooring forces is a key, 
complicated aspect of FBW design. As a matter 
of practical design, upper bound values of the 
maximum horizontal mooring force must be 
estimated. The mean value of mooring force 
for a given sea condition should also be 
considered so that appropriate factors of safety 
can be applied to the mooring hardware. 
According to Dean and Harleman, the 
maximum horizontal force on a moored object 
in oscillatory waves can be characterized by 
FHmax = fr'(HD)l2] * CF.26 The mooring force 
coefficient, CF is a function of wave frequency 
and the object's geometry: CF= f(BIL, HIL, dlD, 
BID, lJd, k). 

If F H can be properly described as a func
tion of wave frequency, or BIL, then a spectral 
analysis of the wave forces can be performed, 
as illustrated in Figure 8 which presents a 
hypothetical example for a rectangular prism 
FBW. The response amplitude operator, or 
transfer function curve, was smoothed and 
normalized from averaged test data in periodic 
waves (as presented by Yamamoto), and 
indicates a peak spectral response at approx
imately BIL = 0.20±.24 The value of FIH; was 
adjusted after a comparison with other data. 

Since real waves are short-crested (i.e., of 
finite length along their crests), the total 
mooring force on the FBW will be a function 
of wave crest length to FBW length, or L/A. 
Tratteberg presented data showing that the 
maximum wave force per unit length was 
reduced by a factor of approximately 5 when 
AIL increased from 1 to 5.27 

Wave crest length, L
0

, in deep water 
seldom exceeds three times the wave length 
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where Lc defines a trough-to-trough wave 
length normal to the direction of wave propa
gation.28,29 Averaging H along Lc, the total force 
from a given wave can be roughly estimated 
by multiplying the force per unit length times 
L. At certain sites, however, refraction and 
shoaling effects may result in waves of greater 
LC. 

For solid reflecting FBWs that are rela
tively rigidly moored, possess a value of d/D 
greater than 2±, and experience waves of 
moderate steepness, a reasonably conservative 
estimate of F H can be determined by F H = 
'YHP, Results from this equation compare 
favorably with calculations based on Sainflous 
method for wave forces on rigid vertical walls 
where a truncated pressure diagram is used 
commensurate with D.8,30 The total force is 
then estimated by Fm= 'YHpL. 

Both of these equations should be applied 
with caution and be used for preliminary 
estimates and comparison purposes only. 
There is no exact closed form solution for 
wave mooring forces and these formulas are 
not necessarily conservative under certain 
conditions, such as for waves of maximum 
steepness, shallow water, shoaling conditions 
and where resonant effects are possible. The 
central problem in applying any such formula 
is determining the maximum wave height 
and steepness that is likely to occur. Therefore, 
generous factors of safety for all mooring 
system components is warranted. 

Theoretically in an oscillatory wave, the 
value of F H on the seaward moorings would 
be the same for the leeward moorings. 
However, the seaward moorings are generally 
more heavily loaded in proportion to the 
reflected wave height, H,, except at low values 
of BIL::; 0.2±, where little reflection occurs and 
the FBW follows the wave contour. For a raft 
FBW, the seaward chains will always be con
siderably more highly loaded than the leeward 
chains, while the maximum mooring forces 
will commonly be an order of magnitude less 
than those on a corresponding solid FBW. For 
a raft FBW, the mean wave force can be 
calculated in terms of the "radiation stress" 
associated with the excess wave momentum 
flux, as given by Galvin and Giles.31 This force 
is proportional to H;2 and is similar in nature 

to the slow drift second order wave forces 
observed on larger moored vessels.32 The wave 
drift force has a net resultant in the direction 
of wave propagation and is additive to the 
oscillatory wave force against solid FBWs. 
However, the drift force is usually quite small, 
on the order of approximately 5 percent of the 
oscillatory wave force and is of greatest 
consequence in relatively short steep waves. 

Extreme mooring loads are theoretically 
possible under resonant conditions if the entire 
FBW were subjected to waves with a relatively 
long crest length at, or near, a well-defined 
natural period of the mooring system. Under 
design wave conditions, this situation is 
unlikely to occur. Ho~ever, FBWs exposed to 
long ocean swells or harbor surging, even of 
low amplitude, could exhibit resonant motions. 
The natural period in sway, Tn•' can be roughly 
estimated by: 

The virtual displacement of the FBW, !:J.', 
includes the weight of "entrained" water 
(hydrodynamic mass) and is on the order of 
1.3 to 2.5!:J.. The mooring system spring 
constant, k, can be considered to be a function 
of the mooring chain geometry, using the 
catenary equations where chains are used. 
This formula for the natural period in sway 
does not yield perfectly accurate results due 
to viscous damping and other effects, but 
should be able to furnish reasonable estimates 
for preliminary evaluations. 

Figure 9 illustrates the mooring chain 
tension vs. FBW excursion, e, for a particular 
set of seaward and leeward chains subject to 
an initial pretension. The value of k can be 
estimated from the mean slope of the net 
disturbing force curve within the force range 
of interest. Calculations for a proposed 
catamaran hull FBW, with similar mass 
properties to those at Friday Harbor and 
Tenakee over a range of water depths 
and with varying assumptions regarding the 
added "virtual" mass and wave force, yielded 
a Tns within the range of 8 to 26 seconds. 
Ocean swells are normally within the range of 
8 to 20 seconds, and even though they may 
be of low amplitude, the residue from these 
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FIGURE 9. An example of horizontal chain force versus floating breakwater excursion. 

swells within a bay or harbor may possess 
sufficient energy to cause harmonic swaying 
and, therefore, high mooring loads on a 
spread-moored FBW. 

In addition to remaining secure under 
maximum mooring forces, the mooring system 
must keep the FBW "on station" with minimal 
excursions over a range of water depths, 
including extreme storm tide plus heave 
allowance. Mooring system hardware should 
possess a generous corrosion and wear allow
ance and means for adjustment and replace-
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ment. Figure 10 illustrates the cross-section of 
a catamaran hull FBW originally proposed for 
Spinnaker Island, showing the mooring 
system configuration. Chain lengths and 
anchor offset distances are dependent on the 
water depth at the anchor and were calculated 
so that all chains would "fetch up" nearly 
simultaneously and maintain Sc= 3.0 at mean 
high water. 

Stake pile anchors driven into the bottom 
are preferred because of their holding power 
and their ability to be accurately located. 
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FIGURE 10. A cross-section showing the mooring system geometry for a catamaran hull 
floating breakwater originally proposed for Spinnaker Island, Hull Bay, Massachusetts. 

Typical vessel type anchors must be dragged 
in order to set properly and, therefore, cannot 
be accurately located. Also, their holding 
power is highly variable with bottom condi
tions. Clump weights will usually be found to 
be the most practical and economical type of 
anchor for a raft FBW that has lower mooring 
force requirements than the solid type. 

Other forces acting on the FBW mooring 
include wind, current, ice and impact from 
ice, flotsam, and inadvertent collision. Wind 
loads will generally be found to be small (less 
than 5 percent of peak wave loads) unless the 
FBW has a particularly high freeboard or 
vessels are moored to it. Dunham and Finn, 
and ASCE, outline methods for calculating 
wind loads.34,35 Loads produced by steady 
currents can be calculated from the drag force 
equation, which for sea water and the current 
speed, Ve, in feet per second is reduced to Fe = 
Ced V/AP, where Fe is the force in pounds and 
AP is the projected area below the waterline in 
square feet. The value of Ced is dependent on 
the water depth at shallow water sites and 
will increase on the order of 5 times its value 
at d/D ~ 6 when d/D is decreased to nearly 
unity. 

For maximum tidal currents of less than 

one knot (1 knot = 1.69 ft./sec.), current loads 
will generally be small except for deep draft 
structures and low d/D. For stronger currents, 
loads will increase rapidly and the current 
velocity may have a dramatic effect on wave 
characteristics; i.e., steepening waves in 
opposing directions and flattening and 
increasing the effective period of waves 
traveling in the same direction. Currents also 
increase the potential for trapping flotsam 
and ice, as well as increasing the potential for 
boats colliding with the FBW. For these 
reasons, the installation of FBWs at locations 
where currents regularly exceed approx
imately one knot should be avoided. 

Ice may exert sizable loads on FBWs and 
may have a major influence on overall FBW 
design and configuration. For a spread-moored 
FBW frozen in solid ice, lateral forces will 
usually be small unless the entire ice sheet 
can move under the influence of wind and 
current shear stresses as a driving force. Figure 
11 illustrates the horizontal force per unit 
length, Fi' of an FBW for an effective "mile of 
ice" driven against the FBW for varying wind 
and current speeds. F; has been calculated 
from the drag force equations drawn from 
Maattanen, using shear stress coefficients 
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FIGURE 11. Lateral thrust of an ice sheet driven by wind and current against a solid type 
floating breakwater. 

within the mid range.36 The figure reveals that 
an ice thrust can easily be on the same order 
of magnitude as peak wave loads. More signi
ficantly, the ice thrust will act simultaneously 
across the entire length of the FBW, whereas 
the total wave force will act over a smaller 
area proportional to the incident wave length. 
Rigidly fixed (pile anchored) FBWs should be 
avoided where lateral ice movements are 
possible. Noble presents a useful discussion 
on the effects of ice on ice-bound floating 
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objects not subject to moving ice.37 Impact 
forces due to ice, flotsam or collision can be 
estimated by kinetic energy principles if a 
mass and a relative velocity can be assigned 
to the impacting body. The California 
Department of Bo!}ting and Waterways 
provides useful information on calculating the 
berthing impacts of small craft.38 

Structural Design 
Structural design for wave loadings should 



foilow the basic principles of naval architec
ture. Concrete is often the material of choice 
for hull construction due to its durability, 
mass, damping and impact resistance. Gerwick 
provides useful design information for 
concrete hulls oriented toward rectangular 
shapes.39 Tsinker and Lee, et al., furnish addi
tional design information.40,41 Hutchison 
presents a method of analysis adaptable to 
microcomputer use for the distribution of 
mooring loads and structural stresses under 
short-crested seas.42 

Connections between sections has proven 
to be perhaps the most problematical of 
structural details. Solid hulls should be con
structed as long as possible, thus minimizing 
the number of connections and the relative 
amplitude response of the individual sections 
to wave action. In some cases, it may prove 
more satisfactory to provide the ends of 
adjoining sections with copious fendering 
rather than attempt a rigid connection. Where 
the FBW design calls for long lengths of indiv
idual sections, post-tensioning of concrete 
pontoons (as was employed on the Tenakee 
FBW)1,2 is probably the most practical solution. 
For individual hull components such as 
pontoons, launching or handling stresses may 
exceed design sea loads. By comparison, the 
raft FBW poses minimal structural design 
requirements, since the individual hull units 
need only be designed for wave hogging and 
sagging moments and shears, mooring force 
distribution, and handling stresses. 

The importance of providing ample allow
ance for the effects of corrosion, wear and 
fatigue on a FBW cannot be overemphasized. 
Although a nominal design life of twenty to 
twenty-five years can be assumed for a 
permanent FBW installation, it is practically 
impossible to provide a design that will not 
require periodic maintenance. The mooring 
system and the section connection com
ponents may need to be replaced or repaired 
every five to ten years. Indeed, a FBW exper
iences significant wear over the course of its 
life. For example, for a single event such as a 
storm of twelve hours duration with an 
average wave period of four seconds, the FBW 
structure and mooring system will typically 
experience over 10,000 load cycles. · 

Construction & Installation 

Mobility and adaptability to on-site construc
tion, and rapid and simple field assembly, 
should be key construction features considered 
in the design process. Local site conditions, 
accessibility and availability of suitable 
materials may be the determining factors along 
with relative costs in selecting a particular 
FBW type. Further consideration should be 
given to how easily inspection can be per
formed and how easily wear-prone parts can 
be replaced in order to reduce future main
tenance requirements and costs. 

The rectangular prism FBW is the most 
massive, even if it is constructed using more 
reasonably sized modules. Therefore, as a 
practical construction matter and unless a 
building basin is handy to the site, this type 
of FBW would be constructed by ballasting an 
existing barge or car float, fitting it with 
mooring and connection hardware, and pro
viding it with long-term corrosion protection. 
The problems of finding a barge of suitable 
size, outfitting it, and then towing it with its 
attendant insurance costs, generally make this 
option more expensive and problematical than 
it would appear at first glance. Furthermore, 
unless properly ballasted, a barge will have 
high windage and low aesthetic appeal, and 
will experience the highest mooring loads of 
the alternative types. 

The catamaran, or caisson, offers the 
advantage of modular construction. The sizes 
of the modules are amenable to on-site con
struction, are easily transported over land or 
water, and can be field assembled without 
undue difficulty. Their greatest design problem 
is in their structural connection details. They 
are effective attenuators and derive the 
maximum mass moment of inertia per unit 
displacement. 

As a solution to the general problem of 
field assembly, portability and flexibility of 
adding or deleting units to vary the overall 
length, the raft represents an optimum solu
tion. Connection problems have been solved 
by eliminating the need for direct connection. 
Mooring forces are commonly low, thus reduc
ing anchor system requirements. A raft FBW 
has the further advantage of permitting flex-
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ibility for the breakwater's overall configura
tion. For example, a raft FBW can be curved in 
plan dimension to maximize sheltering charac
teristics. The primary disadvantage of this 
type, however, is its lower effectiveness than 
the reflecting, solid FBWs. Although this 
diminished effectiveness can be compensated 
by constructing wider units, this extra width 
may encroach on otherwise usable berthing 
space or channel lines. In addition, individual 
raft units may be subject to harmonic pitching 
motions under certain conditions, thus further 
reducing their overall effectiveness. However, 
for most applications, a raft FBW will hold a 
cost advantage, which will likely diminish 
somewhat with increasingly severe exposures 
(i.e., longer waves to be attenuated). 

The actual cost at a given site will vary 
with such factors as design wave conditions, 
water depth, bottom conditions, site access
ibility and materials availability. The cost of 
the barge solution would depend on the avail
ability, and condition, of a barge. Navigation 
aids such as lights, day marks and radar 
reflectors will likely be required and must be 
approved by the U.S. Coast Guard and the 
local harbor master. Proscriptive and warning 
signs should also be considered as local 
conditions warrant. 

Summary 
Floating breakwaters may provide limited, but 
sufficient, wave protection for small craft 
facilities subject to short period wind waves. 
They may provide an economical and environ
mentally acceptable alternative to traditional 
bottom-supported structures. Since their 
overall behavior, and mooring and structural 
loads, are not well understood, their applica
tion should be approached with caution. For 
installations that will be considered to be 
permanent, the problem of long-term main
tenance must be given substantial considera
tion. 

The evaluation of wave transmission 
characteristics and mooring loads form the 
central focus of the design problem. For 
relatively shallow lakes, bays and harbors with 
wave fetch exposures generally under three 
or four miles, a solid prism or catamaran/ 
caisson FBW with a 20- to 30-foot beam, or a 
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rigid raft with a 35- to SO-foot beam, will be 
required to achieve suitable wave attenuation. 
Ultimately, the acceptability of FBWs depends 
on the level of wave action maintained within 
the "protected" area and how this "protec
tion" is perceived by the end users. 
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The following symbols are used in this article: 

A;, = Area of ice sheet 
AP = Projected area of FBW below the 

waterline normal to flow 
As(wL = Area under spectral density curve 
B = Beam, or width of the floating breakwater 
C = Wave celerity 
Ced= Coefficient of current drag 
CF= Wave force coefficient 
C1 = Wave transmission coefficient, or H/H; 
C.G. = Center of gravity 
d = Water depth 
davg = Average water depth 
D = Draft, or depth of floating breakwater 

below water 
EHW = Extreme high water 
f = Wave frequency, or 1/T 
F = Force 
F c = Current force 
Fe = Fetch length 
FH = Horizontal component of wave force 
FHmax = Maximum value of horizontal 

component of wave force 
FHnet = Net horizontal component of mooring 

chain force 
FHT = Total mooring force 
F; = Ice force 
F;c = Ice force due to current shear stress 
F;w = Ice force due to wind shear stress 
F RMS= Root mean square value of force 
F max= Maximum value of a given force 
F(w) = Wave spectral force density function 
g = Acceleration of gravity, 32 ft./sec.2 

H = Wave height 
H; = Incident wave height 
H, = Reflected wave height 
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H, = Significant wave height 
H1 = Transmitted wave height 
k = Mooring force spring constant 
le = Length of mooring cable 
L = Wave length 
Le= Wave crest length 
Leff= Effective length of ice sheet per unit 

width 
LWOST = Low water on spring tide 
MHW = Mean high water 
MLW = Mean low water 
Sc= Scope of mooring line, or 1/d 
S(w) = Spectral energy density function 
S.W.L. =Stillwater level 
T = Wave period 
Tn = Natural period 
T ns = Natural period of mooring system 

in sway motion 
T P = Spectral peak period 
T, = Significant wave period 
V = Velocity 
Ve= Current velocity 
V w = Wind velocity 
we,= Submerged weight of chain per unit 

length 
X = Distance sinker to stake pile anchor 
X

0 
= Anchor offset distance 

'Y = Unit weight, 64 lbs./ft.3 for seawater 
~ = Displacement 
~'=Virtual displacement 
e = FBW excursion 
'A= Length of floating breakwater 
r = Shear stress factor 
w = Circular frequency, or (21r)/T 



Historical Perspective 

Cape Cod Canal 

This project proved the 
feasibility of a sea-level canal 
without locks that is subject to 
out-of-phase tidal cycles at its 
ends, and fostered coastal trade. 

H. HOBART HOLLY 

T HE NEED for a canal across Cape Cod 
was recognized from early colonial 
times. Available sea routes around the 

tip of Cape Cod were hazardous due to shoals 
and fogs. In order to avoid these dangerous 
voyages, Pilgrim traders under Myles Standish 
began using a natural valley route across the 
Cape in 1623. These traders ascended the 
Scusset River, a small stream that flowed into 
Cape Cod Bay approximately 20 miles south 
of the Pilgrim settlement at Plymouth, and 
crossed three miles over a low ridge of sand 
to meet up with Dutch traders from New 
Amsterdam who had ascended the Manomet 
River from Buzzards Bay. Four years later, 
Governor William Bradford built the Aptuxcet 
trading post on the south bank of the 
Manomet River to further facilitate trade with 
the Dutch. Eliminating the portage section of 
this trade route prompted the first thoughts 
of a canal connecting the two bays. 

For nearly 300 years various schemes 
were formulated for building a canal across 
the Cape. Possible routes were examined in 

1676. By 1697 the public need was such that 
the General Court of Massachusetts appointed 
a committee to investigate the feasibility of a 
canal. During the War for Independence, 
General George Washington saw a military 
necessity for such a waterway and ordered 
the examination of a new route proposal in 
1776. From that time to the end of the nine
teenth century efforts escalated to build a 
canal. Some fifteen projects were considered, 
one in 1824 that included a survey by the U.S. 
Army Corps of Engineers. Some thirty 
companies considered the undertaking before 
1899 when the Boston, Cape Cod and New 
York Canal Company was incorporated. 

Construction 
The real start of the project was in 1906 when 
DeWitt C. Flanagan, President of Boston, Cape 
Cod and New York Canal Company, per
suaded August Perry Belmont to organize a 
syndicate that successfully raised the capital 
for the $12 million project. Belmont was drawn 
to the canal project because the canal would 
provide a safer passage, shorten the coastwise 
distance, serve the nation in time of war, 
return a reasonable profit, and be a memorial 
to his maternal ancestors, the Perrys of naval 
fame. He had furnished the financial backing 
for New York City's first subway, the IRT. 
William Barclay Parsons was his chief engineer 
on the IRT project and Belmont selected him 
for the Cape Cod Canal. 

Parsons was faced with significant 
problems. Most important was the appreciable 
tidal difference between the two ends of the 
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proposed route. There was a 4.5± foot 
difference in sea level and a three hour 
difference in tide at either end. In the past, 
such a condition had been handled by means 
of locks to control the tidal currents. In 1906, 
he arrived at the Cape and, with Charles M. 
Thompson who had previously made test 
borings and tidal studies in the area, deter
mined that a canal could be built. 

Parsons developed a design for an open 
sea-level canal without locks in which tidal 
flows were kept within tolerable limits. He 
argued that this design could handle tidal 
differences, and that the currents in the canal 
would provide some scouring of the channel 
and inhibit ice formation, thereby reducing 
maintenance costs. The design was for a 
channel with two turns following the contour 
of the shore in order to avoid what would 
have been the difficult dredging of boulders 
in the Buzzards Bay shallows. The design that 
utilized the tidal currents rather than restrict
ing them was based on new hydraulic data 
that Parsons published in a landmark tech
nical paper in the Proceedings of the American 
Society of Civil Engineers (ASCE), for which 
he received the society's Norman Medal. 

In 1907, a contract was signed with the 
Cape Cod Construction Company to perform 
the canal construction and ground was broken 
that year. With a second groundbreaking in 
1909, construction was begun in earnest. The 
project required the removal of 15 million 
cubic yards of material - an undertaking of 
enormous proportions at that time. The 
principal methods in cutting the canal were 
suction or clam-shell "dipper" excavators. 
More effective dragline systems were devel
oped too late to be used in the early stages of 
the canal construction. Work on "dry-dredg
ing" the center section of the canal then 
began. Huge shovels removed the overburden, 
and loaded it onto small sidedumping single
truck cars that were hauled by saddle-back 
locomotives to a dumping area. The three 
shovels used for excavation proved so efficient 
that they were used for work beyond the 
original plan despite the fact that narrow 
gauge track had to be laid and relaid as the 
work progressed. 

Construction included an 8-foot high 
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breakwater, consisting of granite blocks 
quarried in Maine, that stretched 3,000 feet 
out into Cape Cod Bay in order to prevent 
the littoral current from blocking the canal's 
entrance as well as providing a sheltered 
approach along this shoreline exposed to 
northeasterly gales. A blanket of rip-rap 5 feet 
below and 5 feet above the waterline was 
constructed to prevent bank erosion. A ferry 
slip was constructed at Bournemouth and 
three bridges were built spanning the canal 
- a single leaf bascule for the New Haven 
Railroad at the mouth of Buzzards Bay, a 
highway drawbridge at Bourne with two 80-
foot leaves, and a small draw span at Saga
more. 

The nation's first major sea-level canal 
was opened to lighter draft vessels on July 29, 
1914, and was completed in April 1916 at a 
cost of $12.9 million. Its dimensions provided 
a canal 25 feet deep over a bottom width of 
100 feet, widening to 300 feet at the east end 
and 250 feet at the west end and through the 
approach channel in Buzzards Bay. The land 
cut of the canal was 8 miles, with dredged 
approaches of 5 miles in Buzzards Bay and 
one-half mile in Cape Cod Bay. 

William Barclay Parsons 
William Barclay Parsons (1859-1932) was born 
in New York City, and received his engineer
ing education at Columbia University. He 
began his professional career on the Erie 
Railroad, advancing to district engineer in 
three years. From this experience, he wrote 
two books, Tracks, and, Turnouts. In 1885, he 
founded his engineering firm with his brother. 
Six years later, he was appointed deputy chief 
engineer to the New York Rapid Transit 
Commission, advancing to chief engineer three 
years later. While there, he prepared designs 
for a New York subway, but political and 
financial problems caused the Commission to 
suspend activities in 1898. Later that year, 
Parsons accepted the task of planning a 1,000-
mile railroad in China from Hankow to 
Canton. 

He was summoned back from China to 
work from 1899 to 1904 on the planning and 
construction of New York's first subway. As 
chief engineer, he solved problems of how to 



rearrange the maze of underground pipes and 
conduits without disrupting utility service and 
how to tunnel through a busy metropolis 
without weakening building foundations and 
without closing Broadway to traffic. His solu
tions became the standards of subway engi
neering for the next half century. Parsons 
returned to private consulting in 1904 after 
the first leg of the subway had opened. 

In 1904, as a member of the Isthmanian 
Canal Commission and the Board of Consult
ing Engineers for the Panama Canal, Parsons 
conducted a survey of the Canal Zone and 
reported to President Theodore Roosevelt on 
the practicality of building a sea-level canal at 
Panama. This design was rejected and a design 
with locks was selected. 

The following year Parsons was named 
chief engineer of the Cape Cod Canal, provid
ing him with the opportunity to prove the 
feasibility of a sea-level canal. He dedicated 
the next nine years of his life to the design 
and construction of the canal. Its successful 
completion demonstrated that a canal without 
locks, such as he had advocated for Panama, 
could be built between bodies of water having 
considerable tidal differences. As soon as the 
canal had opened, he set up ten observation 
posts along the length of the waterway where 
detailed measurements were taken through
out each tidal cycle. 

When the U.S. entered World War I in 
1917, he served as a senior member of a three
man commission of engineers appointed to 
report and make recommendations on the 
condition of French ports and railroads. Soon 
after he rejoined the 11th U.S. Engineers, 
serving as a major, lieutenant colonel and 
colonel. He served with his regiment when 
the engineers held the lines at Cambrai with 
picks and shovels. A major accomplishment 
was the construction of a four-track railway 
that carried American troops from the French 
coast to the front. His services during the war 
brought him honors from the U.S., Belgian, 
British and French governments. 

He published many books and scholarly 
papers, both on technical subjects and his 
cross-cultural experiences. He recounted his 
adventures while making a survey for the 
1,000-mile long railroad across China in An 

FIGURE 1. The unveiling of the ASCE plaque. 
From left to right: Col. Thomas A. Rhen, 
Rodney P. Plourde, and Robert A. Perrault, Jr. 

American Engineer in China; and he described 
his regiment's activities during World War I 
in The American Engineers in France. He wrote a 
book about Robert Fulton. His final work, 
Engineers and Engineering in the Renaissance, was 
published after his death and represented 
some 20 years of research in his own library, 
the British Museum, the Bibliotheque Nation
ale in Paris and the Vatican Library. Finding 
the Vatican collection difficult to use, he 
persuaded the Carnegie Endowment for Inter
national Peace to help modernize the library. 
With the cooperation of Pope Pius XI, the 
library was reorganized. 

The Canal Today 
The canal did not prove to be the financial 
success that the Boston, Cape Cod and New 
York Company believed it would be. The 
federal government purchased the canal for 
$11.5 million on March 31, 1928, and trans
ferred it to the U.S. Army Corps of Engineers 
which has operated the canal as a toll-free 
waterway. From 1928 to 1940 the Corps of 
Engineers undertook a series of canal improve
ments while retaining the original basic design 
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FIGURE 2. A salute from the U.S. Army Corps of Engineers to the new NHCE land
mark at the close of the ceremonies. 

features, thus adding a second chapter of 
distinction to the canal's history. The channel 
was somewhat realigned, widened to 480 feet 
and deepened to 32 feet, requiring the removal 
of an additional 40 million cubic yards of 
material. The overall length of the canal was 
extended to 17 miles. These improvements 
made the canal the widest sea-level canal in 
the world. During World War II, tremendous 
tonnage passed through the canal to avoid 
German submarines, providing an invaluable 
contribution to the national defense. The three 
original bridges across the canal were replaced 
in 1933 by two high-level highway bridges 
and a vertical lift railroad bridge, currently the 
second longest lift bridge in the world. 

The Corps of Engineers has spent more 
than $138 million in improving, operating and 
maintaining the waterway since 1928. Cur
rently, more than 15 million tons of commerce 
are shipped through the canal each year, 
reflecting 6,000 vessel trips. Another 15,000 
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recreational craft trips are recorded annually. 
The Corps of Engineers monitors the canal 24 
hours per day using a network of computer
ized radar, closed circuit television and radio 
contact. 

Landmark Dedication 
The nomination and dedication of the Cape 
Cod Canal as a National Historic Civil Engi
neering Landmark (NHCEL) was a cooperative 
effort of the Boston Society of Civil Engineers 
Section/ ASCE and the firm of Parsons Brin
ckerhoff Quade & Douglas, Inc., in conjunc
tion with the centennial of the firm's founding 
by William Barclay Parsons. A member of the 
firm, Anthony C. Centore, handled the nom
ination presentation and his company's parti
cipation in the dedication. The dedication 
ceremonies were held on September 20, 1985, 
at the Belmont Rock Overlook at the canal 
where the ASCE plaque and one to Parsons 
now flank a plaque to August Perry Belmont, 



the backer of the canal construction project. 
Boston Society of Civil Engineers Section/ 

ASCE President Rodney P. Plourde welcomed 
the guests and introduced the speakers. The 
Parsons plaque was presented by Paul H. 
Gilbert, Senior Vice-President of Parsons 
Brinckerhoff Quade & Douglas, Inc., who paid 
tribute to Parsons. The ASCE plaque was 
presented by Robert A Perrault, Jr., Director 
of District 2 who spoke of the NHCEL pro
gram nationally and the particular significance 
of the landmarks in Massachusetts. The 

plaques were accepted by Colonel Thomas A 
Rhen, Division Engineer, U.S. Army Corps of 
Engineers, who spoke on the canal and its 
operation today. Descendents of Parsons as 
well as representatives of local historical 
groups were in attendance. A salute from an 
Army fireboat concluded the ceremonies. 

H. HOBART HOLLY is Chairman of the History and 
Heritage Committee, Boston Society of Civil Engineers 
Section/AS CE. 
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DANA FARBER CANCER INSTITUTE, BOSTON, MA 

FD N D 

NEW RESEARCH FACILITY 

Architect: Shepley Bulfinch Richardson & Abbott Inc. 
Structural Engineer: Simpson Gumpertz & Heger Inc. 
Geotechnical Engineer: Geotechnical Engineers Inc. 
General Contractor: Jackson Construction 
Foundation Subcontractor: Fondedlle Corporation 

E D I LE 
SUPPORTS HEAVY LOADS 

ROOT PILES® (THE ORIGINAL MINI PILES) 

The foundation for the addition of four stories at 
the Dana Farber Cancer Institute in Boston was 
accomplished by Fondedile. 
Root Piles® were Installed in the subbasement, 
with only a nine foot head space,to support pile 
caps with a load of 1,500 tons each. Steel 
columns passing through existing floors will 
take the load of the additional floors to the pile 
caps. 
Root Piles® of 8.62 inch diameter with a design 

capacity of 75 tons each were tested success
fully at 235 tons (three times the designed 
load). Total installation required 165 Root Piles®. 
The work was completed in time with more 
than a 25 percent cost saving, while in the next 
room patients were being treated. 
If your next project Involves difficult pile install
ation, call the Fondedile engineers to discuss 
feasibility and cost effectiveness of Root Piles® 
and share the Fondedile world wide experience 
of more than 40 years. 

FONDEDILE CORPORATION 
FOUNDATION AND SOIL SPECIALISTS 

(617) 935-6860 TELEX95·1362 
329 WASHINGTON STREET • WOBURN, MA 01801 

114 CIVIL ENGINEERING PRACTICE SPRING 1987 



S E A Consultants Inc. 
Engineers/ Architects 

• Water Resources Management 

• Water Pollution Control 

• Architectural Planning & Design 

• Waste Management 

• Storm Drainage & Hydrology 

• Site Planning & Development 

• Environmental Analysis 

• Traffic & Transportation 
Engineering 

TH E 

• 485 Massachusetts Avenue 
Cambridge, MA 02139 
(617) 497-7800 

• Citicorp Parl< West 
100 Foden Road 
So. Portland, ME 04106 
(207) 775-2281 

• 850 Silas Deane Highway 
Wethersfield, CT06109 
(203) 721-7993 

EDWARDS AND KELCEY 
ORGANIZATION 

Engineers 
Planners 
Consultants 
Airports and Heliports• Bridges, 
Viaducts, Special Structures• Freight 
Transportation Systems• Expressways, 
Highways, Roads and Streets• Mass Tran
sit Systems and Facilities• Parking Facili
ties• Parks and Recreational Facilities• 
Railroads• Site Development• Storm
water Management• Telecommunication 
Systems• Traffic Signalization Systems• 
Tunnels• Water and Sewer Systems . 

EDWARDS AND KELCEY 
286 Congress Street 
Boston, MA 02210 
(617) 542-4576 

Offices In Principal Cities 
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SOIL TESTING 
Civiltest Laboratories can perform 
all your soil testing including iden
tification and classification, com
paction, consolidation, perme
ability and strength testing. 

In fact, soil testing is our whole 
business. We have no other 
priorities. 

At Civiltest Laboratories your 
results will be available quickly. As 
geotechnical engineers we are 
aware of your needs and the ne
cessity of quality testing. 

CALL US. 

CIVILTEST 
LABORATORIES, INC. 
TELEPHONE (617) 449-6753 

~~h 
Engineers and Environmental Scientists 

Providing expert advice in: 

-HAZARDOUS WASTE 
-SITE ENGINEERING 
-ENVIRONMENTAL ENGINEERING 
-TRAFFIC EVALUATION 
-WETLANDS 

235 J¾?st Central Street 
Natick, Massachusetts 01760 

(617) 651-3401 
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Tue 
Geotechnical 

GrOUQlnC. 
CONSULTING GEOTECHNICAL ENGINEERS 

100 CRESCENT STREET, NEEDHAM, MA 02194 

Telephone 617-44!-l-6450 

Take Advantage 

of Civil Engineering Practice's economical 
advertising rates and reach an profes
sional audience that is interested in your 
services, equipment or products. For 
more information, call or write: 

Advertising Production 
Civil Engineering Practice 
Boston Society of Civil Engineers 
Section/ ASCE 
The Engineering Center 
236 Huntington Ave. 
Boston, MA 02115-4701 



GHR ENGINEERING 

ASSOCIATES, INC. 

CIVIL ENGINEERING 

ENVIRONMENTAL ASSESSMENT 

LAB ANALYSIS 

SURVEYING 

Professional Services 

(617) 542-6521 

MARVIN W. MILLER, P.E. 
PRESIDENT 

BARNES AND JARNIS 0 INC. 
CONSULTING ENGINEERS 

216 TREMONT STREET 

BOSTON, MA 02116 

Complete Engineering Services 

i:IBlack & veaccn 
Incorporated 
Consulting Engineers 

125 CambridgePark Drive 
Cambridge, Massachusetts 02140 
(617) 547-1314 

CDM 
environmental engineers, scientists, 
planners, & management consultants 

Solving Today's Environmental Problems 

CAMP DRESSER & McKEE INC. 
One Center Plaza, Boston, Massachusetts 02108, 617 742-5151 

Offices Worldwide 

NEW BEDFORD, MA 

617-995-5136 

LAKEVILLE, MA 

617-946-0700 

LEXINGTON, MA 

617-862-8800 

ANDER£0N-NICHOLS 
c//Jury,,my, cRnc. 

Engineers/Architects/Environmental Consultants 

• SITE PLANNING AND DEVELOPMENT 

• TRANSPORTATION 

• WATER SUPPLY AND DISTRIBUTION 

• WASTEWATER COLLECTION AND TREATMENT 

150 Causeway Street 
Boston, MA 02114 
(617) 742-3400 

i>:IEA 
6 Loudon Road 

Concord, NH 03301 
(603) 228-1121 

D. BAUGH & ASSOCIATES, INC. 
ENGINEERS, PLANNERS, ARCHITECTS 

Indra Deb, P.E. 
VICE PRESIDENT/CHIEF ENGINEER 

75 KNEELAND ST BOSTON. MASSACHUSETTS 02111 
16171 426-6854 

Has Your Address Changed? 
Please write your new address on a 
subscription card, check off the change 
of address box, affix your old mailing 
label and postage on the card and mail it 
tous. 

Engineers 
Planners 
Economists 
Scientists 

COMPLETE ENGINEERING 
CONSUL TING SERVICES 

28 Slate S1ree1 
Bos1on, Massachusetts 02109 
617 /523-2260 

With over 50 offices throughout 
the U.S. and abroad 
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Clinton Bogert Associates 
Consulting Engineers 

Complete Services for 

Water Pollution Control • Water Supply 
Solid Waste Management 

RJ:CHARD J. DONOVAN, INC. 

540 MAIN ST., WINCHESTER, MASS. 01890 

iG Michael F Geisser, RLS 
Vice President 

R. F. Geisser & Assoc. Inc. 
Consulting Engineers•Laboratories 
P.O. Box 4526, E. Providence, R.I. 02914 • 401-438•7320 
P.O. Box 1245, Dedham, Mass. 02026 • 617-329-4430 
1-800-336-4471 Telex: AEGIS 226-078 

Telephone 364-5800 

P. GIOIOSO & SONS, Inc. 

~(30,14~ 

58 Sprague Stre:it 

Hyde Park, Massachusetts 02136 

FRANK GIOIOSO 

Greiner 

Greiner Engineering Sciences, Inc. 
108 Lincoln Street 
Boston, Massachusetts 02111 
(617) 542-0752 

A Greiner Engineering, Inc. Company 

HARDESTY & HANOVER 
Consulting Engineers 

Bridges Highways 

Special Structures 

1501 Broadway New York, N.Y. 10036 
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Since 
1854 

CRANDALL 
DRY DOCK ENGINEERS, INC. 

Railway and Floating Dry Docks 
Waterfront Structures • Consulting 

Design• Inspection and Diving Services 
Dry Dock Hardware and Equipment 

21 Pottery Lane 
Tel. (617) 329·3240 

Dedham, MA 02026 
Telex: 924406 

FAY, BPDFFDRD & 
THDRNDIKE1 INC. 

Engineers 
TRANSPDRTATIDN SYSTEMS 
WATER SUPPLY-SEWERAGE 

DRAINAlilE-BRIDlilES-AIRPDRTS 
PDRT AND INDUSTRIAL FACILITIES 
ENVIRONMENTAL IMPACT STUDIES 

191 Spring St., P.O. Box 802, Lexington, MA 02173 
(617) 863-8300 

~.,. GERAGHTY 
Al" & MILLER, INC. 
,., Ground-Water Consultants 

125 East Bethpage Road 
Plainview, NY 11803 

(516) 249-7600 

Testing-Inspection-Analysis 
Chemical-Metallurgical-Nondestructive 
Product Listing-Labeling-Certification 

AIKEN. SC 
ANNAPOLIS 

BATON ROUGE 
DENVER 

6 Huron Drive, Natick, MA 01760 (617) 653-5950 
2 Millbury SI., Auburn, MA 01501 (617) 832-5500 
748 Bay SI., Springfield, MA 01109 (413) 734-6548 

AIJNITOF~CORP 

Haley & Ald11ch, Inc. 

Consulting 
Geotechnical Engineers, 
Geologists and 
Hydrogeologists 

238 Main Street, P.O. Box 60 
Cambridge, MA 02142 
617 I 492-6460 

Glastonbury, CT , Portland, ME 

Affiliate: H & A of New York 
Rochester, NY 

■ Havens and Emerson 
Consulting Environmental Engineers 

water• wastewater• solid wastes • air quality control 

120 Boylston St., Boston, MA 02116 (617) 350 • 6622 
Cleveland • Saddle Brook, NJ • Atlanta 

St. Louis • Tampa Bay Area 



HNTB 
HCIWARCI N■ECIL■■ TAMMEN a ■ERlaENCICl"F 

ARCHITECTS ENGINEERS PLANNERS 

Offices in principal cities nationwide 

Suite 4200, Prudential Center 
Basten, Massachusetts 021 99 

61 7 267-671 0 

KAISER 
ENGINEERS 

TRANSPORTATION, PLANNING, DESIGN 
AND CONSTRUCTION MANAGEMENT 

KAISER ENGINEERS. INC 
e SAINT JAMES AVENUE 
BOSTON. MASSACHUSETTS 02116 
16171 482·7800 

LeMessurier Consultants 
Professional Engineers 

Structural, Mechanical, Electrical, Energy 
CADD Services For Architects, Facility Planners & Managers 

1033 Massachusetts Avenue 
Cambridge, Massechusetts 02238 

617/482/6565 

617/868-1200 
Telex 710-320-7699 SCI CAM 

STRUCTURAL DESIGN 

STRUCTURAL INSPECTION 

STRUCTURAL INVESTIGATION 

MAURICE A. REIDY ENGINEERS 
101 TREMONT STREET, BOSTON. MASS. 02108 

SCHOFIELD BROTHERS. INC. 
PROFESS ION AL ENGINEERS • PLANNERS 

LAND SURVEYORS 

BOLTON, FRAMINGHAM, ORLEANS, 
VINEYARD HAVEN, MA 

PORTSMOUTH, ROCHESTER, NH 

■ r1 • l Vanasse Hangen Brustlin, Inc. 
~ Consulllng Engineers & Planners 

Traffic Engineering • Highway Design 

Parking Facllltles Studies & Design 

Environmental Studies • Site Engineering 

Pavement Management Systems 

60 Birmingham Parkway, Boston, MA 02135 16171763-7000 

2611 Technology Drive, 01lando, FL 32804 1305)291-1002 

SiK Bed!ord Farms, KUion Road, Bedford, NH 03102 (6031644-0888 

405 Broadway, Providence, RI 02909 (4011273-1890 

Engineering 
Construction Services 

1345 Main Street 
Waltham, MA 02154 
(617) 899-9819 

Hydraulic & Water Resources Engineers, Inc. 
Consulting Engineers 

civil. environmental. hydrologic. highway. structural engg. 

V.RAO MADDINENI, Ph.D., F.ASCE., P.E. 
President 

LEA 
GROUP 
INCORPORATED 

ENGINEERS/ ARCHITECTS/PLANNERS 

75 Kneeland Street, Boston, Massachusetts 02111 
Telephone (617) 426-6300 

A.G. LICHTENSTEIN & ASSOCIATES 
CONSUL rlNG cNG/NffflS·Bfl/DGcS 

lnspecllon1 Rehabllllatlon & Design ol Bridges 
FIXED & MOVABLE,l-ilGHWAV AND RAILROAD,HISTORIC BRIDGES 

BULLARD BUILDING 
12 IRVING STREET 

FRAMINGHAM, MASS. 01701 
16171 879·2772 

FAIRLAWN, N,J, 
LANGHORNE, PA, 

NEW YORK, N.Y. 

WATERTOWN, er: 

Sasaki Associates, Inc. 
Planning 
Architecture 
Landscape Architecture 
Urban Design 
Civil Engineering 
Environmental Services 

64 Pleasant St. 
Watertown, MA 02172 
617/926-3300 

4649 Ponce de Leon Blvd. 
Coral Gables, FL 33146 
305/661-1346 

1925 San Jacinto St. 
Dallas, TX 75201 
214/922-9380 

Segal/DISarclna Associates, Inc. ~I _______ _ 
Hansportation Consultants 

Anthony J, DIS.rein■, RE', 

34 7 Congress Street 
Boston. Massachusens 
02210-1222 
617 423-0186 

Weston & Sampson 
E N G I N E E R S, I N C. ,x 

Environmental Consultants since 1899 
One Pleasure Island Rd. • Wakefield, MA 01880 • 617-246-4410 
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• Environmental Compliance Energy Studies Whitman & Howard, Inc. 
• Facilities Engineering and Design 

• Construction and Operations Engineers and Architects 
• Residuals Management 

A Full Service Engineering Firm • Offices Nationwide 
Roy F. Weston, Inc. -
Landmark One 
One Van de Graaff Drive 
Burlington, MA 01803 
617-229-2050 

45 William Street 
Wellesley, MA 02181 
(617) 237-5000 

Offices in 
CT,NH, 
&ME. 

Rubin M. Zallen LEE MARC G. WOLMAN 

Consulting Engineer C1v11. ENoINEEH 

Investigation of Structural Failures ■ 
Investigation of Problem Structures ■ 

Consulting in Structural Engineering ■ 
BELMONT; MASSACJilJSF.TTS 0217B 

150 Speen St., Framingham, MA 01701 (617) 875-1360 

PB 
CHILDS® 

ENGINEERING 
CORPORATION 

CHILDS ENGINEERING 
CORPORATION 

Waterfront Engineering 
Diving Inspection 

BOX :333, MEDFIELD, MA 02052 
16171 359-8945 

Publications of the 
Boston Society of Civil Engineers Section/ ASCE 

Computer 
1986 Microcomputers in Engineering Practice 

Environmental 
1986 The Solid Waste Dilemma 
1985 Controlling Hazardous Waste 

Structural 
1984 Evaluation of Structural Concepts for Buildings 
1983 Structural Details in Steel and Concrete Buildings 

Waterways 
1986 Design of Ports and Harbors for Small Vessels 
1984 Rehabilitation of Waterfront Structures 

$30.00 

$30.00 
$40.00 

$10.00 
$10.00 

$30.00 
$10.00 

Name _____________________ _ 

Company 

Address 
City __________ State __ Zip 

Wl<H 

Payment must accompany order, payable to BSCES. Please make all payments in U.S. dollars. 
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Complete Subsurface 
Investigation Services 
0 Test Borings O Groundwater Monitoring 
Wells O Pressure Grouting O Diamond 
Core Drilling O Geotechnical Instrumentation 
0 Undisturbed Sampling O Hydropunch 
Sampling O Odex Drilling System O OSHA 
Trained & Medically Monitored Personnel 

@ GUILD DRILLING CO., INC. 
100 Water St, E. Prov., RI 02914 ~ ~ 
FAX: (401) 435-3432 
(401) 434-0750 NOCA ~ 

SERVING THE INDUSTRY SINCE 1953 ' 






